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FORWARD

During the May 1997 meeting of the Panel on Wind and Seismic Effects of the United States —
Japan Natural Resources Development Program (UJNR) held in Tsukuba, Japan, it was decided
to hold a workshop on “Soil-Structure Interaction “ (SSI) in 1998. The panel assigned Dr.” M.
Celebi of USGS, Menlo Park, Ca., and Dr. I. Okawa from BRI, Tsukuba, Japan to serve as
organizers of the workshop. Subsequently, the organizers decided to hold this workshop in
Menlo Park, California on

September 22-23, 1998.

The workshop participants who are experts in the field from Japan and the United States

met in Menlo Park, California, presented technical papers and discussed topics including but not
limited to (a) current methods of SSI used in design/analyses processes in both Japan and the
United States, (b) recent research that is being carried out, (c) experimental SSI research

arrays and/or facilities developed and that are in the process of being developed and (d)
searching ways to cooperate on future SSI research. The aim of the workshop was to cover

the following topics:

1. Current Methods of Practice of SSI in the US and Japan
a. Geotechnical Point of View
b. Structural Point of View
Code Provisions and Limitations.
Observed Data.
Observational Arrays and Testing Facilities — Current Status and Future Needs.
Recent Research Results and How To Implement Them Into Practice.
Additional Research Needed.
Additional Observational Arrays and Testing Facilities Needed:

NownhAwLD

While it was impossible to cover all of these subjects, the workshop provided a venue to discuss
a variety of issues related to soil-structure interaction. One of the important issues revealed
during these discussions, summarized in Section XX (?) of the proceedings, is that funding for
SSI research has not increased in either the US or Japan. Consequently, the number of published
papers related to SSI research has been steady and has not increased during the last few years. A
recommendation made by the participants to organize an Intemational Association for Soil-
Structure Interaction (IASSI) is aimed to improve the funding for SSI research and improve the
communication between the researchers and the practicing engineers. Furthermore, it was
pointed out that should such an organization be formalized, it would be a means to organize
special purpose conferences and workshops on the specific subject.

As the host convener of the workshop, I thank all of the participants for their attendance and
enthusiastic presentations and discussions. I look forward to future UINR-SSI Workshops.

Mehmet Celebi
Menlo Park, Ca.
September 1998



1)

)

3)
C)

RESOLUTION OF PARTICIPANTS

U.S. - Japan Workshop on Soil-Structure Interaction
Menlo Park, California, September 22-23, 1998

WHEREAS, soil-structure interaction can have major influence on the seismic
performance of important structures, such as buildings, dams, bridges, and nuclear
power plants, and thus affect public safety; and

WHEREAS, the methodologies for including soil-structure interaction effects in
assessing seismic performance of such structures are inadequate; and

WHEREAS, present-day design codes provide little guidance for treating soil-
structure interaction effects;

NOW THEREFORE BE IT RESOLVED THAT

research to advance soil-structure interaction methodologies be given high priority and
that design provisions related thereto be introduced into the codes, thus enhancing the
seismic safety of structures designed accordingly, and

cooperation between the U.S. and Japan, with focus on advancing both state-of-the-art
and state-of-the-practice of treating soil-structure interaction be strengthened, and

future additional UINR-SSI meetings be organized, and

an international organization be established to promote research, education, and improved
design practice as related to soil-structure interaction.

Participants

US-Japan Workshop on SSI,
Menlo Park, Ca.

September 22-23, 1998



SUMMARY OF DISCUSSIONS AND RECOMMENDATIONS

Soil-structure-interaction (SSI) effects may be either beneficial or detrimental to the performance
of structures. When beneficial, by incorporating SSI effects in the seismic code calculations,
more cost-effective designs are possible. For some situations, such as the design or retrofitting of
bridges, dams or buried structures, etc., an appropriate inclusion of SSI effects in seismic
calculations may bring large design cost savings to our society. There is an urgent need for
performing comparative cost-benefit reviews with and without considering rigorously the SSI
effects for different types of constructions. On the other hand, when it is determined by
calculations that SSI effects can be detrimental to the performance of structures, by mere
recognition and taking effective measures, safety and better performance can be achieved.

1. Present Status of SSI:

To promote practical application of SSI evaluation procedures, practicing engineers must
first be convinced of the need for SSI evaluations. To render such evaluations a
necessity, SSI evaluation procedures must become an integral part of the total seismic
analysis and design process. Current building codes, which are based on SSI response
behavior of a single-degree-of—freedom (SDOF) SSI system and have incorporated only
the SSI effects of period elongation and damping increase for the fundamental mode of a
structure system, do not address the total effect of SSI (such as the additional effects of
“scattered” seismic input motions, and global as well as local soil non-linearity); as such,
they do not promote the use of proper SSI evaluation procedures in the design process.

In the past, SSI research has concentrated on solutions for gross dynamic response
behaviors of simple linear SSI systems. Recent research also tends to focus on studying
the SSI problems that can be solved with simple linear theories. To further the SSI
research, it is time that the research be advanced beyond the studies of simple linear SSI
systems and should start to develop realistic SSI evaluation procedures needed for
practical design purposes, e.g. evaluations of nonlinear soil-resistance behaviors and soil-
foundation interface pressures.

To date, evaluation of seismic SSI effects has placed emphasis on seismic system
demand, i.e., seismic SSI system response behavior. It is time to extend evaluation to SSI
system performance, which requires the evaluation of not only the system demands but
also the corresponding (strength and ductility) capacities. In the context of SSI, the
system capacities of interest are the capacities of the soil-foundation interaction system.
In fact, any realistic evaluation of the SSI system demand must incorporate realistic
constitutive behavior of the soil-foundation system up to its allowable capacity limit.

Experimental research should not be limited to the confirmation of SSI system response
behavior. It must be designed and conducted in a manner in order to improve the SSI
system modeling and to facilitate assessment of the SSI system performance up to its
performance limit.



To facilitate practical applications, SSI researchers must also develop and make available
to practicing engineers a set of reliable and easy-to-use computer software for them to
conduct realistic SSI evaluations.

The number of papers on SSI both in Japan and US has been steady during the last few
years. This implies that support for SSI research has not increased in recent years.

SSlis interdisciplinary (geotechnical and structural) and hence tends to be poorly
understood by both sides. There is a big gap between SOA (state-of-the-art) and the
knowledge of practicing engineers.

SSIis too complex to define exactly. We can define conditions where SSI is not
important, however. Let’s define what we know, where contributions can be made, and
improve our knowledge transfer. We should not emphasize code-oriented research too
much, we need to communicate to practitioners the essential aspects of the problem.

Need to distinguish between heavy nuclear power plants and ordinary buildings. Nuclear
plants are already being designed with consideration of SSI. For buildings, there are
cases where SSI is not important. These cases should be identified.

Our knowledge of ordinary building structures is limited, so there is a need to emphasize
SSIresearch for ordinary types of buildings.

There are virtually no full-scale experiments on buildings.

Single-degree-of-freedom (SDOF) structure with rigid foundation is the most common
type of research topic. Much research has been done on this subject.

Flexible foundations with multi-degree-of-freedom (MDOF) structures are difficult to
analyze and there is very little research done on this topic.

Individual footings beneath each column are also difficult to analyze, and there is very
little work done on this subject.

There is virtually no field performance data on SSI. Existing data is inadequate.
Interpretation of field data from earthquakes is important to verify methodologies.

There is a lot of research on pile foundations. However, there is great need to translate
that accumulated knowledge into practice.

We need more detailed experiments.

In general, Linear Elastic Analysis is good for:
i. buildings on surface foundations
ii. building-soil-building interaction
iii. single building with embedded foundation



e Linear analyses is not so bad. Past experience shows linear models are here to stay.
They’ve been around for a long time, despite some nonlinear alternatives, and they will
remain. However, linear elastic analysis has shortcomings for building-soil-building
interaction when the foundations are embedded.

e The standpoint of practitioners: Is SSI a necessary aspect of the design process? We
think it is, but how do we demonstrate that? Need more than period lengthening and
foundation damping; these are not useful to practicing engineers. We need to translate
our research results into better demand predictions for structures. SSI enters the design
process through pressure on foundations. Need further research on this.

e SSlis significant in the context of performance-based design.

e Community studying SSI is shrinking due to limited funding priority place on SSI by
NSF. If we speak as one voice, we can make an impact on the NSF (like the structural
control and tsunami people). Let’s create a web site to advance the issue (post research
findings, etc.).

e Design of Nuclear Power Plants was a major stimulus to SSI. Since practically no new
nuclear plants are being design, such stimulus has vanished.

e Recent earthquakes show that there is a high level of nonlinearity in soil over broad area.
This nonlinearity may have lead to SSI effects which saved these buildings. We need to
investigate this.

¢ Need dialogue between experimentalists and analysts.
Additional SSI Research:

Seismic earth pressures against retaining walls, considering non-linear aspects such as
gapping.

Comparative studies of non-linear vs. linear SSI to evaluate where non-linear analysis is
important.

More work is needed on pile foundations. For example, observed damage of piles due to soil
displacement suggests that we need to consider soil displacement, not just structural inertia,
when designing piles. How the two actions can be superimposed is of vital importance.
More work is needed for underground structures such as tunnels and pipelines.

How do we estimate the degree of nonlinearity in soil and its effects.

Need more work on flexible foundations.

More work needs to be done on seismic soil pressures against walls

SSI is more involved than just the first mode period lengthening ratio (T/ T ) due to
interaction and ground motion variability. The load paths for inertial load, especially near
the ground line need to be considered.
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Nonlinear SSI may be very important for severe earthquakes. Need simple models for
nonlinear SSI

We are only recently getting accustomed to > 1g ground motions. Pushover is becoming
more common, need to properly account for SSI in such analyses, especially near the failure
state.

If the movement is towards Performance Based Design, then we need to understand the
uncertainties.

There is a need for SSI research for near field ground motions. Such effects may be very
localized.

From the geotechnical point of view, an important issue is the damage in piles at soil
boundaries significantly below the ground surface due to lateral flow. Before liquefaction,
soil is fairly elastic and strains are important in determining soil properties. After
liquefaction, soil behaves as liquid. Need to distinguish between liquefied and non-liquefied
soil in our SSI formulations.

Energy absorption by liquefied soil is significant, adds extra damping.

Level of energy dissipation depends on when liquefaction occurs in the time history.
Liquefaction doesn’t help much if it occurs late. There is evidence of this from Wildlife
Liquefaction Site (see Holzer, T. L., Youd, T. L., and Hanks, T. C., 1989, Dynamics of
Liquefaction during the 1987 Superstition hills, California, earthquake, Science, v. 244, pp-
56-69).

We need to be concerned about 5-to-10 story buildings subjected to near-field pulses. The
long period energy content of these motions means that period lengthening would increase
the base shear.

There is a need to address in future engineering activities the large uncertainty associated
with SSI. We know that the earthquake motions are random, the soil properties are random,
local motion spatial variation is random, etc. So, there is an objective need in the future to
approach these aspects more consistently using probabilistic models. In addition, for
improving a seismic design or for a costly retrofit of a highway concrete bridge, it is
essential to do some probabilistic SSI analyses, and try to calibrate the deterministic design
based on risk assessment comparisons. Therefore, it is important that NSF envisions this
need for future.

Better Field Observations:

e In general, there have been some successes in experimental work and use of observed
data. These can be summarized in three ways: (a) Lotung-type of experiment with
very good instrumentation for a specific type of structure, lots of comparisons
between theory and experiment, (b) in-depth studies of typical building structures and
(c) studies of many buildings, look at trends that can be easily understood by many
engineers (e.g. Stewart, Ph.D. thesis — Stewart, J.P., and Stewart, A. F., 1997,
Analysis of soil-structure interaction effects on building response from earthquake
strong motion recordings at 58 sites, Report No: UCB/EERC 97/01, Richmond, Ca. ).
However, there is still great need for developing and/or improving the current field
observation systems such that these systems will better enable

e experimental verification of analytical procedures (e.g., in Europe, the
research is on verifying SSI provisions in Eurocode.).
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e interpretation of available field data

e additional instrumentation to obtain proper SSI response data (e.g. most
instrumented buildings have inadequate vertical sensors to calculate rocking
effects, and in some cases, if physically possible, additional free-field
instruments and downhole accelerographs should be deployed).

e evaluation of the influence of free-field displacements on piles.

e understanding the soil pressures against foundation elements such as
basement walls. More work needs to be done on seismic soil pressures against
walls.

e We need reliable experimental data for verification of simple analysis schemes

4. Transfer of Knowledge:

There is a big gap between state-of-the-art and the knowledge of practicing engineers.

Therefore,

e itis necessary to simply be able to demonstrate to the practicing engineers when and
if SSI is important.

e simple and practical tools and procedures are needed for transfer of knowledge to
practicing engineers.
efforts should be made to include SSI in building codes.
efforts should be made to incorporate SSI methodologies in favorite computer
software such as SAP.

o efforts should be made to demonstrate to the profession the usefulness in
incorporating SSI in their designs. The design engineers should be appraised of the
fact that incorporation of SSI procedures can be, in some cases, financially beneficial.

There is considerable research on pile foundations. However, there is great need to
translate that accumulated knowledge into practice.

There is a significant need for knowledge transfer on the issue of damping.

Graduate students need to be taught SSI — this will help bridge that gap between
researchers and practitioners. All grad student qualifying exams should have SSI
questions.

Need practical tools and agreed-upon computer codes.

The data should not be used to calibrate a design code. Rather, we need to understand
simple problems well, then develop good code formulations for design based on the

insight gained from these simple models. Instrumentation needs to be detailed enough to
guide us through the process.

12



5. Data Exchange Between US and Japan:

This is of vital importance for researchers on both sides. As an example, Professor Iguchi
wrote a book (along with 21 authors) on SSI. Two-thousand (2000) copies of this book
were distributed in Japan through lectures to engineers. The US side may desire to have
the book translated.

There are impressive experiments in Japan for SSI, we need to become more familiar
with them.

We should recommend that there be better information exchange between US and Japan
Japanese experimental data is extremely valuable — must relate it to available theoretical
models. Perhaps we in the US could contribute our expertise to such an effort.

Other Issues:

SSI practices should be pushed into the codes. In that case, the industry will use it. Thus,
it will be necessary to teach it. Under these conditions, funding agencies will have to fund
such activities. The code committees are receptive now to SSI. Therefore, this should be
followed to fruition.

We need an inside advocate in the NSF and USGS to get SSI funding. Let’s speak as one
voice to develop this inside advocacy. We should also look into new funding sources
such as the insurance industry, and gas and oil companies.

Funding for SSI research will increase when the industry has a demand for SSI, e.g.
nuclear industry in 1970-1980s. Our models should not just be elastic, but should
constder soil strength.

There is an acute need for an international organization to promote SSI. The workshop
participants agreed that it is important to promote research, education and design
applications of soil-structure interaction, and to initiate specific steps towards its
mandatory implementation in the design codes. Maria Todorovska proposed that an
international association be set up to serve as an organizational framework to carry out
this important task. The workshop participants endorsed this idea and agreed to promote
the establishment of such an organization. It was further agreed that Maria Todorovska
will contact the leading researchers in the US and abroad to discuss this idea further and
to take specific steps towards its completion. The Japanese workshop participants agreed
to contact other researchers in Japan.

It was agreed that the 12WCEE (to be held in Auckland, New Zeland, in year 2000) is a
convenient place for a meeting which can finalize the creation of an International
Association. A special session on soil-structure interaction at this conference would be
appropriate. Maria Todorovska proposed to organize such a session.

13



PROGRAM
UJNR-SSI WORKSHOP

Vallombrosa Center, 250 Qak Grove Avenue, Menlo Park, Ca

MONDAY - SEPTEMBER 21, 1998

Japanese participants arrive in the morning. US participants arrive in the afternoon/evening and
the following morning.

TUESDAY - SEPTEMBER 22, 1998

8:00 - 9:00 AM

9:00 - 9:20 AM
9:20 - 10:00 AM
10:00 - 10:20 AM

Breakfast & Registration

[Session Chairs: Okawa, Celebi]

Welcome Comments by Mehmet Celebi & Izuru Okawa

(1) “States of the Arts on the Research on SSI in Japan” (Iguchi)
Coffee Break

10:20 - 11:00 AM
11:00 - 11:30 AM

11:30- 12:00 AM

12:00 - 13:00

[Session Chairs: Iiba, Veletsos]

(2* Lateral seismic soil pressure” (Ostadan )

(3) ” On the design of pile foundation using response deformation
method ( Sugimuro & Karkee)

(4) “Dynamic Soil-Foundation Structure Interaction Analyses of Large
Caissons” (Mok)

Lunch at Vallombrosa Center

13:00 - 13:30 PM
13:30 - 14:00 PM

14:00 - 14:30 PM
14:30 - 15:00 PM

15:00 - 15:30 PM

[Session Chairs: Kitagawa, Ostadan]

(5) “Dynamic Response of Cantilever Retaining Walls” (Veletsos)

(6) “Dynamic behavior of pile foundation in liquefied Process-Shaking
Table Tests Utilized Big Shear Box” (Iiba)

(7) “Energy Dissipation in Soil-Structure Interaction” (Crouse)

(8) “Empirical Assessment of SSI Effects from Strong Motion

Recordings” (Stewart)

Coffee Break

15:30 - 16:00 PM

16:00 — 16:30 PM
16:30 - 17:00 PM

17:00- 17:30 PM
17:30 - 18:00 PM

18:00 — 19:00 PM

[Session Chairs: Iguchi, Crouse]
(9) “Dynamic Response of Soil-pile-building Interaction System in
Large Strain Levels” (Tamori)
(10) “Non-linear SSI Analyses” (Borja)
(11) “SSI Effects on damping and natural frequency and effective input
motion” (Fukuwa)

(12) “The use of nolinear response spectra to seismic design” (Nakao)
Discussions & Recommendations

Barbacue Dinner at Vallombrosa Center

19:30 - 20:30 PM

Review Discussion of Draft Resolution & Reseach Issues
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WEDNESDAY 23, SEPTEMBER, 1998

8:00 - 9:00 AM
9:00 - 9:30 AM
9:30- 10:00 AM

10:00 - 10:30 AM

Breakfast

[Session Chairs: Fukuwa, Stewart]

(13) “Reliability & Probabilistic Methods in SSI based on Observational
Data” (Ghanem)

(14) “Methods of analysis of SSI Effects in Bldgs & Underground
Structures” (Luco)

Coffee Break

10:30 - 11:00 AM
11:00 - 11:30 AM
11:30- 12:00 AM
12:00 - 13:00
13:00 - 13:30 PM
13:30 - 14:00 PM
14:00 - 14:30 PM

14:30 — 15:00 PM

15:00 - 15:30 PM

[Session Chairs: Tamori, Bielak]

(15) “Soil-structure Interaction Effect on an NPP Reactor Building
(Testing by NUPEC, Achievements and the Current Status)” (Kinoshita)
(16) “Uncertainties in SSI Analysis: Modeling and Examples” (Ghiocel)
(17) “Soil-structure interaction analysis via fixed-based system subjected
to a modified ground motion” (Aydinoglu)

Lunch at Vallombrosa Center

[Session Chairs: Sugimori, Todorovska]

(18) “Seismic Design Procedure of Building Structures including SSI
Effect” (Kitagawa)

(19) “Experimental Facilities in the US that are being (and can be) used
for SSI Research” (Ashford)

(20) “Some full-scale experimental results on soil-structure interaction” -
(Todorovska & Trifunac)

(21) “Soil-Foundation structure Interaction of bridges” (Tseng &
Penzien)

Coffee Break

15:30 - 16:00 PM
16:00 - 16:30 PM

16:30 - 17:00 PM
17:00 - 18:00 PM

18:00 — 19:00 PM

[Session Chairs:Karkee, Ashford]

(22) “Three dimensional response of building-foundation systems”
(Bielak)

(23) “Dense Instrumentation in the BRI building and surrounding soil”
(Okawa)

(24) “ Development of an SST Experiment” (Celebi)

Discussions & Recommendations

Dinner at Vallombrosa Center
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THURSDAY 24, SEPTEMBER, 1998

8:00- 9:00 AM Breakfast

9:00 -10:00 AM Current Research Issues on Soil Structure Interaction

10:00 -10:15 AM Coffee Break

10:15 -12:00 AM Future Needs in Observation and Research (Analysis and
Experiments)/Adoption of Resolution/Conclusion

12:00 - 14:00 Lunch

14:00 - 17:30 PM Visit to USGS/Menlo Park

FRIDAY 25, SEPTEMBER, 1998

8:00 AM Breakfast

9:00 -12:30 AM John Blume Earthquake Eng. Center, Stanford university & Lunch

PM Visit to Nearby Experiment Sites is being arranged for the
participants

Adjourn
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STATE OF THE ART
ON

SOIL—STRUCTURE INTERACTION RESEARCHES RELATING TO
RECENT STRONG EARTHQUAKES IN JAPAN

By Michio Iguchi ’ and Yuzuru Yasui ®

ABSTRACT: This report reviews the soil-structure interaction (SSI) researches relating to three major
earthquakes recently occurred in Japan, which include the 1993 Kushiro-oki earthquake, aftershocks of
the 1993 Hokkaido-Nansei-oki earthquake and the 1995 Hyogo-ken Nanbu earthquake. The review work
is focussed on the simulation analyses conducted on the basis of simultaneous earthquake records
observed both in buildings and in the surrounding soil during these major earthquakes, as well as other
small events observed at the site. One of the most interesting results reviewed in this report is the ratio of
response spectra for the observed motions in a building to those for motions recorded on the soil surface.
Marked difference of the ratios for small ground motions and for the strong motions in the Kushiro-oki
earthquake is detected. It is also discussed that the nonlinear response analyses conducted with use of the
two-dimensional FEM for soil-structure system have resulted in considerable deviation from the
observations during the strong motions in the Kushiro-oki earthquake. Regarding the Hyogo-ken Nanbu
earthquake, on the other hand, satisfactory results of the simulation analyses are overviewed. Furthermore,
special emphasis is placed on a study of effective input motions into structures investigated on the basis of
the simultaneous observations recorded both in structures and the surrounding soil during the Hyogo-ken
Nanbu earthquake. The compared results of the peak values recorded on the foundation with those on the
free-field soil surface indicate distinctly the reduction of effective input motions into structure. The
effective input rates, which indicate the ratios of peak values of the effective input motion to the
corresponding free-field motion, are approximately 0.7 for accelerations and 0.9 for velocities. In addition

to the topics, a general trend of SSI researches for the last ten years in Japan is overviewed.

INTRODUCTION

Where is the goal of soil-structure interaction (SSI)
researches? Although the objective may be set at various
points, it is of no doubt that one of the goals is to improve
the accuracy of assessment of structural safety against
earthquakes by taking into account the SSI effects in
response analyses of structures. This will lead to mitigation
of earthquake damage to structures.

The seismic response analyses have become possible for
complicated soil-structure models with taking into account
various factors owing to great progress of SSI researches in
the last three decades. As for methodology, for example,

analysis methods can be chosen at our disposal among
various methods (Iguchi and Akino 1993). In the analysis
of an actual soil-structure system, however, we are obliged
to introduce many simplifications, idealizations and
assumptions in making mathematical soil models. as well
as the interface between the soil and foundation. Thus,
there are still a great gap between an actual system and the
mathematical model.

In order to fill the gaps and to rationalize the
assumptions, comparative studies between the observed
and the analyzed results, so called simulation analyses
must be accumulated. Furthermore, the establishment of
prediction method for structural responses to strong
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carthquake ground motions with taking into account the
SSI effects is also needed. In the simulation or prediction
work, in either case, the accumulation of the densely
observed records of soil-structure system becomes
essential. In particular, the accumulation of many reliable
strong motion records and the establishment of a
methodology to extract the SSI effects from the records
will be the key not only to capture substantially the SSI
effects but also to improve the accuracy of assessment of
structural safety against intense earthquakes.

In Japan, the simultaneous earthquake observations both
in buildings and on the surrounding soil have been
performed since the early 1970s, and many observed
records have been accumulated so far. These data, however,
have been scarcely made the best use of in the SSI
researches. This may be due to lack of methodologies to
isolate the SSI effects from the limited records or to
insufficient observation records to extract the effects.
Furthermore, the accumulated data are limited to those for
small to medium ground motions, and there have been few
strong motion records. It was not until the 1995 Hyogo-ken
Nanbu earthquake that a certain number of simultaneous
records have been observed for a strong earthquake and at
various sites. Based on the observations, a number of
studies have been presented on SSI effects for the
earthquake. The objective of this report is to summarize the
SSI researches relating to recent strong earthquakes
including the Hyogo-ken Nanbu earthquake. Special
emphasis is placed on the simulation analyses and effective
input motions into structures investigated on the basis of
the simultancous observations recorded both in structures
and the surrounding soil during the earthquakes. In
addition to the topics, a general trend of SSI researches for
the last ten years in Japan is overviewed. These will be
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Fig. 1. The change of the number of papers presented
at annual meefing of A1J.

described in the following chapters.

OVERVIEW OF CURRENT TREND OF SSI RESEARCHES IN
JAPAN

A technical meecting of Architectural Institute of
Japan (Al]) is held every year and a number of papers are
presented at the meeting. Many scientists, engineers and
graduate students of various fields such as building science,
structural mechanics, geotechnical engineering, earthquake
engineering, etc. gather in one place to exchange
information or to have a discussion. The papers presented
at the meeting reflect the academic interest of the
participants, and therefore it gives a clue to know a
tendency of researches in Japan. In what follows, the
current research trend on SSI in Japan is overviewed
through the papers presented at the meeting. Fig. 1 shows a
change of the number of papers on SSI presented at the
meeting during the last ten years. As seen from the figure,
the number of presented papers varies from around 60 to
80. It is noticed that a decline of the number had appeared
for several years from 1992 but it has recovered soon after
1995 when Hyogo-ken Nanbu earthquake occurred.
Though the interest in SSI has been unchanged among
researchers, it is needed to extend the importance of SSI
more widely to younger generation, as well as engineers
concerned in seismic design of structures.

Fig. 2 shows the change of methodology used in SSI
analyses. It is evidently seen from the figure that SSI
researches relating to analytical procedures have been in
decline and the thin layered element method (TLM) is
gradually increasing to the contrary. The analytical
solutions may have less meaning considering from
practical point of view, but can play a significant roll to be
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Fig. 2. The change of methodology used in SSI analyses.



the benchmark to check results obtained by other
numerical procedures. The exploitation of simplified
methods is important to have means to obtain results easily
and quickly and the methods can be used to make up for
the analytical methods. Nevertheless, the number of papers
tends to be decreasing regrettably for these several years.
The exploitation of simplified methods should be more
evaluated.

Finally, Fig. 3 shows the change of subjects of SSI
researches. It is clearly seen from the figure that the
gradual increase of papers dealing with pile groups is in
contrast to the decrease of papers on embedded
foundations. It is also noticed from the figure that after
1995, when the Hyogo-ken Nanbu earthquake occurred,
the number of papers dealing with pile groups has
increased suddenly. It is also noted that the majority of
papers are related to the pile groups for these two years.
This is due to heavy damage to pile groups during the
earthquake. At the same time, the spread of recognition of
importance of soil-pile-structure interaction is another
reason.

SSI RESEARCHES ON RECENT STRONG EARTHQUAKES

The 1993 Kushiro-oki Earthquake

In January 1993, a strong earthquake struck Kushiro
city in Hokkaido named the 1993 Kushiro-oki earthquake
(M = 7.8). The simultaneous earthquake records were
observed both in a building of Kushiro branch of the
Japan Meteorological Agency (JMA) and on the soil
surface at the site during the earthquake. The peak
horizontal ground accelerations at the site were 711 gals
(N63E) and 637 gals (N153E) recorded by a strong
motion accelerometer (SMAC-MD) of the Building
Research Institute (BRI). The peak accelerations observed
in the building with an accelerograph (JMA-87) of IMA
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were 815 gals and 919 gals in north-south and east-west
directions, respectively, which showed larger values than
those observed on the free field. In spite of high intensity
of earthquake motions, damage to structures was very
slight not only at the site but also in the surrounding area.
The possibilities of the intense ground motions and the
slight damage had been studied from various viewpoints
such as local site effects of surface geology, SSI effects,
the effect of frozen soil, the strength capacities of the
structures against seismic loads and so on. Some peak
characteristics appeared in the response spectra of the
recorded motions could be explained by using a detailed
soil-structure model, but not enough to explain the
magnitude of the spectra (Yasui and Takano 1994; Dan
1994). Also, the reasons of large accelerations in the
building compared with the surrounding free-field
motions are left unscttled. More detailed results
investigated in the Extensive Research Committee on the
1993 Kushiro-oki earthquake established in the AlJ are
provided elsewhere (ALJ 1994).

The earthquake motions have been observed thereafter
and some other records were observed at the site. Making
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Fig. 4. Response spectral ratios (MBRD (a) for small event and
(b) for Kushiro-oki earthquake (after Dan 1995).
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use of these observations, comparative studies were
performed on response spectra for other small events and
the Kushiro-oki earthquake (Dan 1995). One of the most
noticeable results presented in the paper may be found in
the difference between response spectral ratios for small
events and those for the strong motions of the Kushiro-oki
earthquake. Fig. 4(a) and (b) show the ratios of the
acceleration response spectra for the motions observed in
the building (JMA) to those for the free-field motions
(BRI). Fig. 4(a) is for a small event with peak acceleration
(PA) of 19.3 gals and Fig. 4(b) is for the Kushiro-oki
earthquake with PA of 919 gals on the soil surface. The
observed results are compared in the figures with those
computed by two-dimensional (2-D) FEM with taking
non-linearity of the soil into account. An inspection of
these results indicates that for small earthquake the ratio
becomes smaller than 1.0 in shorter periods less than 0.3
sec, while for the Kushiro-oki event the ratio becomes
greater than 1.0 in wider range of 0.1 to 1.0 sec. It is also
noticed that the computed results can not fully explain the
measured results in magnitude for the strong motions.
Recalling the fact that the 2-D models tend to
overestimate larger values of damping coefficients than
the 3-D models (Luco and Hadjian 1974), the discrepancy
might be mainly due to employment of 2-D model instead
of 3-D model. It should be also noticed that the tendency
recognized in the observed results in Fig. 4(b) is
consistent with the parametric studies of nonlinearity
effects of the surrounding soil on the structural response
presented by Miyamoto et al. (1995).

The Aftershock of 1993 Hokkaido-Nansei-oki Earthquake
In July 1993, different large accelerations were
observed on the ground floor of two-story school building
during an aftershock (M = 6.5) of the 1993 Hokkaido-
nansei-oki earthquake (M = 7.8). The peak horizontal and
vertical accelerations observed were 393 gals (NS), 1,569
gals (EW) and 575 gals in UD (up-down) direction. The
building is L-shaped of about 55m long in one side and
supported on the soil having shear wave velocities of
about 70 to 170 m/sec to the depth of 8.6m. In spite of the
surprisingly large accelerations, there was no damage to
structural elements of the building. Nonlinear simulation
analyses of the structure were conducted with taking into
- consideration of SSI effects in order to explain the no
structural damage to the building (Dan et al. 1997). As a
consequence of detailed studies, the reason of no damage
was attributed to high strength capacities of the building.
The surface ground motions were also estimated based on
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the observed motions on the ground floor. In evaluation of
the free-field motions, the foundation was assumed to be
rigid in plane. The peak value of the estimated
acceleration motion on the free surface was 345 gals in
EW direction, which indicated large amplification of the
input motion into the structure (Dan et al. 1997). It may
be interpreted that the difference between the free-field
motion and the records at the ground floor has resulted
from SSI effects for the building. In order to confirm the
large SSI effects presented in the paper, however, careful
examination will be needed on effects of the location of
accelerometers and the assumption of rigid foundation as
well.

The 1995 Hyogo-ken Nanbu Earthquake

Some earthquake records were observed on the ground,
inside of structures and simultaneously both in buildings
and on the surrounding soil during the 1995 Hyogo-ken
Numbu earthquake (M = 7.2). Based on the records, some
simulation analyses have been conducted for heavily or
slightly damaged structures with consideration of SSI
effects and many suggestive results have been presented
so far. Kurimoto (1996) performed a simulation analysis
for a 41-story reinforced concrete building taking SSI
effects into account when subjected to the observed
motion at 70m below the ground surface. For this
building, accelerometers are denscly instrumented not
only in the superstructure but also in the soil (Yasui et al.
1995). The peak horizontal accelerations observed on the
ground floor during the main shock were 86.8 gals in EW
and 60.7 gals in NS directions. The methodology used in
the analysis was 2-D FEM incorporated with non-linearity
of soil. Fairly good agreement between the observed and
the computed was presented both in the soil and in the
superstructure. This paper also indicates that the lateral
soil of the embedded foundation becomes less effective
due to non-linearity of the soil when the foundation is
supported on a firm soil. Prior to this study, Fujimori et al.
(1995) had studied the foundation input motions for the
building subjected to ground motions observed during the
Hyogo-ken Nanbu earthquake and the aftershocks as well.
The comparison work indicated insignificant difference
between the main and aftershocks. Perhaps, this is due to
small rigidity of the lateral soil of the embedded
foundation not only for the main shock but also for the
aftershocks.

Tamura et al. (1996) conducted SSI analyses for
damaged stecl framed reinforced concrete buildings of
13-story and 1l-story with embedded foundations.



Through response analyses, the horizontal motion at the
base of the foundation was found to be almost same as the
free-field motion at the level. This indicates a possibility
of a method that the response analyses of superstructure
could be evaluated with the base fixed at the bottom of
the foundation and being subjected to the free-field
motions at the depth of soil. Similar results have been
presented by Hayashi et al. (1997). It was also pointed out
that the damping factor of the SSI system associated with
non-linearity of soil is dependent on the rigidity of the
bearing soil (Tamura et al. 1996).

Earthquake motions were observed for buildings
supported by piles and simulation analyses have been
performed for the structures. Yokoyama (1996) and
Kowada et al. (1997) have conducted simulation analyses
of the soil-pile-structure systems subjected to the
observed motions. In the analyses, Penzien’s models
(Penzien et al. 1964) for the soil-pile system was
successfully used to explain the observed motions of
superstructures.

EFFECTIVE INPUT MOTIONS IN THE HYOGO-KEN NANBU
EARTHQUAKE

Review of the Researches
In addition to the findings obtained through simulation
analyses, there are some noticeable studies focused on

_why the damage to structures had been comparatively

minor in the Hyogo-ken Nanbu earthquake considering
the intense earthquake ground motions. In the severely
damaged Kobe City area, high intensity of accelerations

(300 to 800 gals) and velocities (50 to 120 cm/sec) were
observed on the ground (BRI 1996). Some of these values
exceeded the earthquake intensity level which have been
generally supposed in the present seismic design (the
second stage of design) in Japan, i.e. about 400gals in
acceleration and 40 to 50 cm/sec in velocity. Despite
higher intensities of the earthquake ground motions,
damage to buildings designed based on the present
seismic code was not so severe. One of the possibilities of
the reduced damage has been considered to be attributable
to the effects of SSI. To confirm the SSI effects, some
other studies have been presented in addition to the
previously described simulation analyses. Hayashi et al.
(1995) and Hayashi (1996) have discussed a possibility
that the minor damage in the severely shaken area may be
attributable to uplift of foundations.

In order to develop the discussions about the SSI
effects from a different viewpoint, Hayashi et al. (1998)
have performed systematically nonlinear response
analyses by supposing mid-to-low-rise buildings be
located in the severely damaged area in Kobe city.
Through the numerical investigation, a possibility of
reduction of effective input motions into structure was
suggested. The reduction rates were estimated to be about
30% for accelerations and 10% for velocities. It was also
shown that the reduction of effective input motions due to
SSI effects is pronounced for the low-rise buildings.

The effective input motions into structure have also
been studied for a different eight-story building of steel
structure by assuming incident wave motions at the
bedrock, 31m below the ground surface (Kaneta et al

Table 1. Outline of structures.
Takami Floral Nanko power plant | Nanko power plant | Osaka Institute of |Murano drinking water|
Bldg. Smokestack (Kowada | Main bldg.(Doi et |Technology (Ooba &| plant (Kobori et al.

(Yokoyama 1996) et al. 1997) al. 1994) Mimura 1995) 1981)
structure type RC frame RC Steel SRC frame RC frame
foundation type Comerteotne | LowntiCpies | LowenttGoiies | Gonereteplen | Gonerca pee
construction area 989.5 m’ 271.6 13817.0 788.0 6531.4
height of structure 98.2m 200 31.0 65.65 37.7
depth of foundation 8.3 m 6.3 4.0~12.3 5.2 14.8
length of piles 22.75m 645 " 62~70 20.3 12~16
diameter of piles 2.3m 0.8 0.8 1.8,2.0 2.0
Inumber of piles 56 273 2449 24 422
Vs : subsurface layers 140~240m/s 160~350 160~350 130~150 -
Vs : bearing stratum 380 mis 340 340 320 -
natural peried  NSEW 1.41, 1.45 sec. 1.87(NS) 0.93(NS) 0.83,0.92 0.437,0.439
:‘i‘;‘:;::‘*: dsuroce GL-15m GL-O1m GLOIm GL-15m GL-10m
seismometer 1FL GL*0m 1FL 1FL B2F
on the foundation {GL-10.8m)




1996). The analyses were performed by use of 2-D FEM
incorporated with an equivalent linearization method. The
numerically obtained results have indicated that the peak
acceleration responses of foundation at the ground floor
were reduced by 16% comparing to the surface ground
motions.

To confirm the SSI effects, it is desirable to study the
effects based on recorded earthquake motions. A study of
the effective input motions conducted by Yasui (1996)
and Yasui et al. (1998) is substantial one investigated
based on the records simultaneously observed both in
buildings and on the ground. One of the features of the
research is that, while the sites are limited, the effective
input motions into structures have been investigated for
strong earthquake motions. The effective input motion is
defined as the response of foundation during earthquakes,
which includes the effects of inertial and kinematic
interactions (Kausel et al. 1978).

Comparison of Simultaneously Observed Motions in
Structures and Soil

The simultaneous records obtained both in structures
and on the surrounding soil have been available at several
sites in the vicinity of Kobe area. Table 1 shows an
outline of the structures at four- different sites, which
include four buildings and one smokestack. The location
of the sites is shown in Fig. 5. In this figure, location of
Buildings A (Shin-Nagata Urban Complex) and Building
B (NTT Kobe Ekimae Bldg) is included, which will be
discussed afterward.

Fig. 6 shows the compared results of the peak
accelerations recorded on the foundations with those on
the soil surface. Similarly, Fig. 7 shows the compared
results of the peak velocities numerically obtained by
integration of the acceleration records. The location of the
observation points in the ground was 0.1 to 1.5m below
the soil surface and the records may be considered to be
the surface motions. The seismic sensors were installed
on the ground floor for three buildings and a smokestack,
and the rest was instrumented on the second basement
(10.8m below ground line). The results obtained on the
second basement may be considered to be those on the
ground floor level because of high rigidity of the
basement. In Figs 6 and 7, symbols ¢, o and A correspond
to the results of NS (north south), EW (east-west) and UD
(up-down) components, respectively. The slope of the line
obtained by the least-squares method is 0.7 for the
observed accelerations. The value represents the weighted
average ratio of peak accelerations on the foundations to
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those of the soil surface. In other words, the peak
‘accelerations on foundations have reduced by 30%
comparing to the surface ground motions. As for velocity,



on the other hand, the slope is 0.9, which exhibit less
reduction rate comparing to the case of accelerations. It
will be noticed that while the vertical components are
included in above described results, the reduction rates
are not affected even when they are excluded. Fig. 8
shows the comparison of response spectra (5% damping)
for accelerations recorded on the foundation and on the
soil surface (1.5m below soil surface) (Yokoyama 1996).
Exhibited are for the records having showed the largest
acceleration among the sites shown in Table 1. It is
.noticed from the figure that the reduction of the effective
input motions can be recognized in wide range of periods
less than 2 sec.

The results in the severely shocked area, so called
heavily damaged belt zone, are not included in Figs 6 and
7, as the simultaneous earthquake records have not been
obtained in the area. To make good the loss, the surface
ground motions are estimated numerically based on
records observed on the foundations. A method of
backward analyses will be described in what follows
(Yasui et al. 1996). In Figs 6 and 7, thus obtained results
are plotted by @A and eB together with other observed
results,

Estimation Method of Surface Ground Motions

The primary step is to construct a vibration model of
superstructure and the restoring force characteristics of
each story. Next step is to compute the inelastic response
for the fixed base model when subjected to the observed
motions on the foundation or alternative motions recorded
on basement of the structure. Thus calculated results are
compared to the observed records at different floor levels
in order to confirm whether the constructed vibration
model can appropriately reproduce the actual response of
the structure during the earthquake.

The second step is to evaluate the impedance functions
and the foundation input motions for the layered soil
models at the sites. In the analyses, the thin layered
element method is employed that has capability of taking
into account the embedded foundations (Tajimi 1984;
Takano et al. 1992). If strain dependency of soil is known
a priori and the soil systern could be replaced by an
equivalent linear medium, the surface ground motions can
be estimated by an iterative procedure described below. In
the backward analyses, the followings are assumed: (1)
Rocking motion is negligible; (2) incident waves impinge
to foundation vertically; (3) a foundation is bonded
completely to the soil; and (4) the effect of local
nonlinearity on the soil surface resulting from the stresses
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Fig. 8. Response spectra of motions on the ground surface

and on the foundation (5% damping).

due to the structural vibration is negligible small
comparing to the site nonlinearity or the primary
nonlinearity (Roesset and Tassoulas 1982).

Letting the time histories of horizontal foundation input

motion and free-field motion on the surface be u_(r) and
u, (), and corresponding Fourier transforms be U_(®)
and U, (w), respectively, the foundation input motion
U, (@) can be expressed in terms of the transfer function
of the foundation input motion H (@) as follows.

U.(@)=H(@)U; (@) 0]

Let the total shear force response of the superstructure

be g(t) and its Fourier transform be QO(w), ‘which have

been evaluated in the primary step, then the horizontal
equation of motion of the foundation can be expressed as
follows.

—myo’ (U, (@) + Uy (@) + K, (@)U, (@) = 0(@) (2)
In which m, is mass of foundation, K,(®) is the

horizontal impedance function of the foundation and

U,(w) is the sway motion of the foundation due to the

horizontal shear force. The Fourier transform of the

observed horizontal motion on foundation U,(w) may
be expressed by the sum of U, (w) and U,(w) . Thus,

Up(@) =U (@) +U,(@) €)



Substituting from equation (3) into (2) yields,

1
Ky(w)

Up(w) = H—(I(‘-)-)-{U,(w) - low) +m(,a)’UB(a))]}
(C)]

The time history of ground motion on the free surface

u () can be calculated by an inverse Fourier transform of

Up(®w). Based on thus obtained u,(f), the free-field

motions of soil system can be evaluated by an equivalent
linearization method with taking into account the strain
dependency of a layered soil medium. Then follows the

analyses of the impedance function K,(@) and a

transfer function of the foundation input motion H(w)

for the modified soil constants. Using the newly obtained

K, (w) and H(w), the free surface motions may be

recalculated by equation (4). This procedure must be
repeated until it converges within an admissible limit. Fig,
9 shows a schematic figure of above mentioned procedure.
One of the features of this procedure is to make it possible
to estimate the free-field motions on soil surface with
consideration of both nonlinearities of soil and
superstructure. In the above formulation, only a sway
motion of the foundation is taken into account. This
assumption is valid as far as following two examples are
concerned, that was confirmed by
observing the transfer functions of

shape of the foundation

initial stitfness of sol layers
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impedance .
and converged soll stiffness
toundation input motion
1 STEP
end of loop
calcutation of free-field motion from
observed wave ai the basement
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h-y relation
observed wave a:; the basement
base shear time history obtained from
non-inear simulation

Fig. 9. Flow diagram of backward analysis.
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Table 2. Observed maximum accelerations (gal).

soil-structure-foundation system to NS EW UD-
.. .. . observed | Interpolated | Observed | interpolated | Observed | interpolated
an incident seismic wave with
. . 24F 635% 956 302% 354 327 -
consideration of the effect of
. . 5F 379% 407 183 - - -
rocking motion.
BIF 315% 354 121 - 119 -
Estimation of Free-Field Motion for Table 3. Soil parameters.
Buildmg A —The Shin—Nagata initial converged
Urban Comp]ex ofthe Hous,'"g and depth(m) soil classification Vs density vs h
. (m/sec) (ton/n’) (m/sec)
Urban Development Corporation—
) G o GLO-2.8 Fill 125.0 1.8 114-122 0. 03-0. 05
This building is built in front of 2850 Sand 10,2 L8 200 0. 01
Shin-Nagata station and a high rise 5.0-6.8 Clay 2097 1.8 192 0.04
building of 25-story with three 6.8-10.9 sand and gravel 324.3 1.9 239 0.10
basement floors and of steel framed 10.9-14.0 Clay 229.2 1.8 198 0. 06
reinforced concrete structure (Sawai 14.0-17.4 sand and gravel 337.0 1.9 219 0.13
et al 1996) This is located in 17.4-21.8 medium stiff clay 271.9 1.8 233-236 0. 06
severely shaken zone of the 21.8-26.3 silty fine sand 313.9 1.8 276 0.05
. . 26.3-29.8 medium stiff clay 278.3 1.8 233 Q. 07
intensity VI of JMA (the Japan -
. : 29.8-37.0 stiff ‘clay 296. 0 1.8 250-252 0. 06
MeteorOlogl cal Agency) scale in the 37.0-40.0 gravelly fine sand 450.0 1.9 306 0.12
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Hyogo-ken Nanbu earthquake. Fig. 10 shows a plan view
of an upper story and a cross section in the short direction
of the structure.

As for the damage of this structure, the damage in the
long side direction (NS direction) was larger than that in
the short direction. The damage in the long direction was
concentrated especially on beams and non-structural walls
of the inner frames. There were detected large shear
cracks in the non-structural walls and shear failure in
beams and around openings of the partitions as well.

Accelerographs (SMA-1) have been installed in the
building since it was built, and successive seismic
observation has been made thereafter (Kusakabe 1997). In
the Hyogo-ken Nanbu earthquake, the seismic motions
were successfully recorded at three points, i.e. 24" and 5%
stories, and on the first basement. Some parts of the
records, however, were truncated around peaks as the
peak values of the motions have largely exceeded the
values expected at first. The truncated parts of the
motions were interpolated by use of a spline function, and
peak accelerations of the records and reproduced motions
are shown in Table 2. The values with asterisks in Table 2
indicate the peak values of the truncated records. The
backward analysis of the free-field surface motions at this
site was made in the NS direction, which showed the
maximum value among the records.

The lumped mass model of the superstructure used in
inelastic response analyses was determined by a threee
dimensional (3-D) static analysis of the structure when
fixed at the first basement floor (Sawai et al. 1996). The
3-D model consists of six planes of structure that include
two non-structural planes with beams and nonstructural
walls above fifth floors. The restoring force
characteristics of each story were assumed to be tri-linear
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Fig. 12. Characteristics of strain dependency of soil.

type models, and were determined by the sum of those of
structural frames and the nonstructural planes. The
damping factor of superstructure was assumed to be 3%
for the first mode and to be proportional to the initial
stiffness of each story. The fundamental period of the
superstructure when fixed at the first basement floor is
1.07 sec, and the system period including the effect of soil
is 1.08 sec.

The inelastic response analyses were performed for the
fixed model of superstructure subjected to the horizontal
seismic motion recorded at the basement floor. It should
be noticed that while the obtained results are for the fixed
base condition, the results could be interpreted to have
included the effects of SSI. This is valid as far as the
rocking motion is negligible. The computed results of
acceleration responses of NS component at the 24" and 5%
floors are compared to the observed motions as shown in
Fig. 11. It is noticed that the agreement between two is
excellent up to 10 sec.

Next step is to compose a soil model. Since the soil
data of wave velocities of each layer were not available
around the site, the soil constants were assumed based on
the standard penetration test values (SPT N-values) given
in the boring logs. Table 3 shows the initial soil constants

assumed in the analyses. The strain-shear modulus (G-y )

and strain-damping factor (h-y ) relationships, which are

required in the equivalent linearization analysis, were
determined based on the existing soil data (Ishihara 1976)
as shown in Fig. 12. The free-field motions on soil surface
were estimated by the aforementioned method using the
soil model. Figs 13 and 14 show the horizontal impedance
function and foundation input motion. The figures include



the results for the initial soil constants (step-0) and those
for the successive iteration (step-1) are shown. In the
iterative analyses, the equivalent soil constants have
converged by a single iteration. Thus obtained results may
be considered as the soil constants to have shown during
the earthquake. Table 3 includes the estimated shear wave

velocities Vs' and damping factor A’ of each soil layer

during the strong earthquake ground motions.

The estimated free-field motion on the soil surface is
compared to NS component of the observed motions at
the first basement as shown in Fig. 15. As for peak values,
the observed peak acceleration 354 gals at the first
basement level after the correction of the records using
the spline function is smaller than the estimated free-field
peak value 515gals, which corresponds to about 30%
reduction of input motion to superstructure. Fig. 16 shows
distribution of the computed peak accelerations in the soil
and superstructure, and the observed peak accelerations
are also included. It may be noticed that the amplification
of the free-field motions above the base of foundation is
significant and also the observed motions at the basement
is almost same as the free-field motion at the base of
foundation (Tamura et al. 1996; Hayashi et al. 1997).

In order to confirm the reduction of the effective input
motions into superstructure, comparison is made for the
response motions at the gronind floor when subjected to
the observed motion at the first basement and to the
estimated motion on the free surface. Fig. 17 shows the
compared results of time histories of the calculated
acceleration motion on the ground floor and the estimated
surface motions. As for peak values, the calculated motion
on the ground floor of 398gals is about 23% smaller than
the estimated value of 515gals on the soil surface. The
comparison of peak velocities resulted in 65 cm/sec on
the soil surface and 58 cm/sec at the ground floor, and it
corresponds to about 10% reduction. These results are
plotted by eA in Figs 6 and 7, which show a similar
tendency as those of the observed ones. The compared
results of the response spectra (5% damping) for
calculated acceleration motion at the ground floor and for
estimated motion on the soil surface are shown in Fig. 18.
It may be observed from the figure that a slight reduction
of input motions at around 1.0 sec and larger reduction
may be recognized in periods below 0.4 sec. This may be
interpreted as the effects of the foundation input motion
shown in Fig. 14.
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In order to investigate the effects of SSI on the
response of the superstructure, the response analyses were
conducted for the structure when fixed at the base of the
first story and excited by the estimated motion on the soil
surface. The results are compared to the response to the
calculated motion at the ground floor, which may be
considered to be equal to the response to the observed
motion at the basement level. It should be noticed that the
former result does not include the effects of SSI and, on
the other hand, the latter includes the effects of SSIL.
Therefore, the differences between these two may be
interpreted as the effects of SSI. The compared results of
the maximum relative displacement of each story are
shown in Fig. 19. It may be seen from the figure that the
difference between two is small at sixth and ninth stories.
Whereas the difference between two become pronounced
above 12" floors, and especially the responses at 16™ and
24" stories calculated with consideration of the SSI
effects are smaller than those calculated without the
effects of SSI.

Estimation of Free-Field Motion for Building B —-NTT
Building in Front of Kobe Station—
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Fig. 20. Plan and section views of Building B.

The building is located in front of Kobe station, and is
a steel framed reinforced concrete structure of eight-story
above the ground and with three basement floors
(Ninomiya 1996). The base of foundation is directly
supported on a soil layer of gravel with sand beneath 14.5
m below the ground level. Fig. 20 shows the cross section
view in east-west direction and a plan of the third
basement.

The building suffered damage to shear walls with
openings at the second to fifth stories in the north-south
direction, and slight cracks of about 1mm width were
detected in other shear walls. Accelerometers (SMAC-B2)
had been installed on the third basement and on eighth
story of the building since it was built, and seismic
observation had been carried out successively. In the
Hyogo-ken Nanbu earthquake, the seismic motions were
successfully recorded, and the records of aftershocks as
well. The peak accelerations observed during the Hyogo-
ken Nanbu earthquake are shown in Table 4.

The backward estimation of the free-field motions was
performed in the north-south direction of the structure
(long side direction), which showed the largest value
among the records.
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A lumped mass system of the fixed base used in
inelastic response analysis is determined on the basis of
the model used in the structural design. The restoring
force characteristics of each story was assumed to be of
Takeda’s model (Takeda et al. 1970) and determined by
modifying the yield strength and the second stiffness after
cracks which had been used in design of the structure.
Special consideration was made in the modification so
that the analyzed results correspond to the observed
acceleration motions at the eighth story, as well as the
relative displacement between the eighth and the third
basement floor. The damping was assumed to be of
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viscous type. The damping factor was assumed-to be 3%
for the first mode and to be proportional to the initial
stiffness of each story. It should be emphasized that the
model is made for the purpose of a backward estimation
of the free-field motions and not for evaluation of the
structural design of this building. The calculated period of
the structure when fixed at the bottom of the basement
was 0.75 sec and the period including the effects of soil
was 0.76 sec.

The inelastic response analyses were conducted for the
motion recorded at the basement. The computed response
motion at the eighth floor is compared to the observed

Table 4. Peak accelerations of observed motions (gal).

NS EW UD
8F 881 504 408
B3F 331 154 169

TableS. Soil parameters.

Initial converged
depth(m) soil classification Vs Density Vs’ n
(m/sec) (ton/m") (m/sec)

GL0-2.0 Fill 80.0 1.6 66-85 0.04-0. 15

2.0-5.0 Sand 130.0 1.8 46-73 0.22-0.28
5.0-10.0 sand and gravel 190.0 1.8 75-105 0.22-0. 27
10.0-20.0 Sand 250.0 1.8 100-134 |0.23-0.27
20.0-38.0 Sand 410.0 2.0 249-294 |0.16-0.20
38.0-46.0 Clay 410.0 2.0 345-351 |0.09-0. 10
46.0-52.0 sand and gravel 410.0 2.0 221-228 |[0.22-0.23
52.0-54.0 sand and gravel 360.0 1.9 147 0.27
54.0-65.0 Clay 360.0 1.9 248-259 |0.16-0.17
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results as shown in Fig. 21. Fairly good agreement
between the analyzed and the observed may be seen
except the coda part of the motion after 13 sec.

The soil model, on the other hand, was determined
based on the data obtained by PS logging tests that were
carried out after the earthquake. Table 5 shows the initial
soil constants of the soil model. As for strain dependency

of soil (G- and h-y relationships), a modified Ramberg-

Osgood model was employed in the analyses. Fig. 22
shows the strain dependency models of silt and sand used
in the backward analyses.

The Free-field motion on the soil surface was estimated
by means of the iterative procedure described earlier. Figs
23 and 24 show impedance functions and foundation
input motions for the foundation. In these figures, the
results for the initial soil constants, which correspond to a
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Fig. 27. Comparison of estimated surface motion
and computed motion on the ground floor.
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of each story.

low strain level of the soil, and those for the final soil
constants after convergence are shown. In the calculation,
three times of iteration was needed to converge. Table 5
shows the final shear wave velocities and damping factors
of soil layers together with the corresponding initial
values. Remarkable reduction of shear wave velocities
from the initial values is seen. '

Thus estimated free-field motion on soil surface is
compared to the observed motion on the third basement
floor as shown in Fig. 25. Regarding the peak values, the
estimated peak acceleration on the soil surface was
633gals and has increased by 90% comparing to the
observed peak on the third basement floor.

Comparing the free-field motion shown in Fig. 25 to
the previous results of Building A, followings may be
observed: (1) for the case of Building A, the motions on
the soil surface and the associated motion in the building
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are similar as shown in Fig. 15; (2) for the case of
Building B, on the contrary, a pronounce difference
between the motions on the soil surface and in the
structure may be recognized in magnitude and in phase as
well. This is mainly due to the difference of the
nonlinearity rates of soil between the two cases. In other
words, the nonlinearity rates have affected greatly on the
results of the foundation input motions as shown in Figs
14 and 24 for Building A and Building B, respectively.
It may be noticed from these figures that the foundation
input motion for Building A is scarcely affected by
nonlinearity of soil up to around 10 Hz. For the case of
Building B, on the other hand, a pronounced difference
may be detected in the results of the foundation input
motion for the initial soil model and the final one. Fig. 24
indicates also that the foundation input motion is
amplified by strong non-linearity of soil in frequencies
more than 2 Hz.

Fig. 26 shows the distribution of peak accelerations of
structure and in the soil as well. In this figure the peak
values of the observed motions are aiso plotted. The result
indicates a large amplification of the ground motions in
the surface layers above —5 m. It is also noted that the
observed horizontal peak value in the basement is almost
same in magnitude as-the free-field motion at the bottom
of the foundation. This suggests that the earthquake
motions transmitted to structure predominantly from the
bottom of the foundation and less from the side of the
foundation as far as this building is concerned.

In order to investigate the reduction effects of the
effective input motions at the ground surface level, the
estimated free-field motion on the soil surface is
compared to the response motion on the ground floor of
the structure subjected to the horizontal motion observed
at the third basement. In the response analysis, the base is
fixed at the base of the third basement of the structure.

Fig. 27 shows the compared results of acceleration time
histories estimated on the soil surface and the computed
motion on the ground floor. Observing the peak values, it
may be seen that the peak value of free-field motion on
the soil surface 633 gals has reduced to 423 gals at the
ground floor, and the reduction rate became 33%. As for
velocities, the peak value of 105 cm/sec on the soil
surface reduced to 101 cm/sec on the ground floor, and
the reduction rate was 4%. These values are plotted in
Figs 6 and 7 by the mark eB. The reduction rates are
consistent with those obtained by the observed motions
for accelerations, and are somewhat smaller for velocities.
In Fig. 28, the response spectra (5% damping) for the

estimated free field motion and for the calculated motion
on the ground floor are shown. The results indicate the
reduction of the effective input motion observed through
the response spectra and the reduction may be recognized
in wider range of periods below 1.5 sec comparing to the
case of Building A shown in Fig. 18.

Further comparison is made for the inelastic responses
of superstructure with base fixed at the ground floor when
subjected to both the estimated free-field motion on the
soil surface and the calculated motion on the ground. The
computed results of relative story displacements are
shown in Fig. 29. It may be noticed from the figure that
the maximum responses to the estimated motion on the
free surface become large at all stories except the eighth
story, especially at intermediate stories of fifth and sixth.
It should be noticed that the increase of input motions as
large as 30% have caused a larger difference in inelastic
responses, that indicates the importance of evaluating
properly the effective input motions to structures.

Summary of Discussions

The followings can be summarized based on the study
described in this chapter, which is focussed on the
reduction effects of effective input motions into structures
during the Hyogo-ken Nanbu earthquake.

1) The compared results of the peak values recorded on
the foundation with those on the free-field soil surface
have indicated distinctly the reduction of effective
input motions into structure. The effective input rates,
which indicate the ratios of peak wvalues of the
effective input motion to the corresponding free-field
motion, were approximately 0.7 for acceierations and
0.9 for velocities. It is interesting to compare the
results with those for the Olive View Medical Center
building during the Northridge earthquake (Ms = 6.8)
of 1994 and the Whittier earthquake (Ms = 5.9) of
1987 (Celebi 1997). In the Northridge earthquake, the
reduction rates of accelerations at the level of ground
floor were 0.9 for NS component and 0.69 for EW
component. On the other hand, the rates for the
Whittier Earthquake, in which the peak accelerations
at this site were about one seventh to fifteenth of those
of the Northridge earthquake, were 1.0 and 1.20 for
NS and EW components, respectively. Perhaps it is
worth notice that the reduction rates may be affected
not only the frequency characteristics of ground
motions but also the intensity of the ground motions.
Further substantial studies are needed to reach the firm
conclusion about this subject.



2) In order to make up for the lack of the simultaneously
observed data in the severely shaken area during the
Hyogo-ken Nanbu earthquake, the backward analyses
of the free-field motion on the soil surface on the basis
of the motion observed in the structure were
performed at sites of two buildings. The estimated
free-field surface motions to corresponding motions in
the buildings exhibited the same tendencies as those
obtained based on the observed motions.

3) The reduction effects were recognized in periods less
than 1.0 sec by comparing the response spectra for
free-field motions and for the motions at the ground
floor.

4) The horizontal peak accelerations at the base of the
foundation are almost same as the peak value of the
free-field motion at the corresponding level. At the
same time, it will be inferred that above mentioned
reduction effects are mainly due to the amplification of
surface soil layers above the base of foundation.

5) To evaluate properly the effective input motions into
structure is important in the inelastic response analyses
of structures.

This chapter is compiled based on the paper (Yasui et al.
1998) and the summarized is outcomes of an activity done
in Sub-Working Group 5-2 (chaired by Yasui) organized
under the Special Research Committee of the Hyogo-ken
Nanbu earthquake established in the Architectural
Institute of Japan (AIJ). Many fruitful discussions
exchanged - among the members are gratefully
acknowledged.

CONCLUDING REMARKS

It was said that the present state of SSI analyses has
reached a mature stage of development (Gazetas 1983).
However, it should be also noticed that due to existing
limitations in each analysis method we are obliged to
introduce many simplifications. idealizations and
assumptions in making mathematical soil-structure
models and this gives rise to a great gap between an
actual system and the mathematical model. The
examination of the assumptions and simplifications for
validity ought to be made through simulation analyses on
the basis of the earthquake motions, if possible, observed
simultaneously in a building and on the surrounding soil.
In particular, the accumulation of simulation analyses for
strong ground motions are indispensable in order to
improve the reliability for assessment of structural safety
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against earthquakes. From such a viewpoint, this report
has reviewed the SSI researches relating to three major
earthquakes recently occurred in Japan. In the review
work emphasis was placed on the simulation analyses
conducted based on simultaneocusly observed earthquake
motions, as well as researches on input motions into
structure for the major earthquakes and small events
observed at the same sites. In most simulation analyses, 2-
D FEM incorporated with non-linearity of soil has been
used. Though the method seems to give satisfactory
results in the simulation analyses for small ground
motions, not to be acceptable for strong earthquakes.

Among the reviewed researches, the most noticeable
results was the difference of response spectral ratios, that
indicate the ratios of response spectra for the observed
motion in a building to those for motions recorded on the
soil surface, between small and strong earthquakes
observed at the same site. A distinct result has been
recognized between the response spectral ratio for small
events and that for the Kushiro-oki earthquake at a
specific site, in which the ratio showed greater than 1.0 in
wide period range less than 1.0 sec.

Another emphasis was also placed on a study of
effective input motions into structures investigated on the
basis of the simultaneous observations recorded both in
structures and the surrounding soil during the Hyogo-ken
Nanbu earthquake. The compared results of the peak
values recorded on the foundation with those on the free-
field surface have indicated distinctly the reduction of
effective input motions into structure. The effective input
rates, which indicate the ratios of peak values of the
effective input motion to the corresponding free-field
motion, were approximately 0.7 for accelerations and 0.9
for velocities. It is worth while to notice that the result of
reduced input motions into structures seen during the
Hyogo-ken Nanbu earthquake is different in tendency
from one observed at a specific site during the Kushiro-
oki event. The distinct tendencies detected between two
earthquakes, the Kushiro-oki and the Hyogo-ken Nanbu
earthquakes, at the different sites may be attributed to
different degree of nonlinearity of the surrounding soil.

What we have extracted from the observed motions
during three major earthquakes is perhaps a portion of
nonlinear SSI phenomena occurred during the
earthquakes. It is desirabie to increase our knowledge of
nonlinear SSI effects based on the observations.

One of the remained subjects on SSI to be tackled is

.development of simple methods to evaluate stresses in

piles with taking nonlinearity of soil into account and



input motions into superstructures supported on pile
groups when subjected to strong earthquake motions.
Accumulation of the observations of earth pressures on
piles during intense earthquakes and strains of piles is
also needed to validate the methods.
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INTRODUCTION

The effect of ground motion on retaining walls was recognized by Okabe (1924) and Mononobe and
Matsuo (1929) following the great Kanto Earthquake of 1923 in Japan. The method proposed by
Mononobe and Okabe, currently known as the M-O method, was based on the Coulomb’s theory of static
soil pressure developed more than 200 years ago. In the last 30 years, a great deal of research work both in
the analytical and in experimental areas has been performed to evaluate the adequacy of the M-O method or
to extend the method for specific applications. Discussion of the all the research work on the seismic soil
pressure is extensive and is beyond the scope of this study. Rather, only the milestones that have influenced

the design practice are described below.

Seed and Whitman (1970)
In 1970, the M-O method and the associated analytical relationships were simplified by Seed and Whitman

(1970) for design of earth retaining structures for dynamic loads. Using the charts, the designer only needs
to know the basic properties of the backfill (the angle of internal friction) and the peak ground acceleration
to obtain the seismic soil pressure. As suggested by Seed and Whitman, the basic assumptions used in the
development of the M-O method should always be considered in design applicaﬁons. These assumptions

are:

e The backfill materials are dry cohesionless materials.

»  The retaining wall yields equally and sufficiently to produce minimum active soil pressure.

e The active soil pressure is associated with a soil wedge behind the wall which is at the point of
incipient failure and the maximum shear strength is mobilized along the potential sliding suﬁace.

e  The soil behind the wall behaves as a rigid body and the acceleration is uniform in the soil wedge
behind the wall.

Whitman et al. (1979, 1990, 1991)
The effect of some of the limiting assumptions used in the M-O method above has been investigated by,

among others, Whitman et al. (1979, 1990, 1991) and Nadim and Whitman (1984). The non-yielding wall
" conditions and the amplifications of the motion in the soil mass were found to be significant in some cases.
However, no practical tools were proposed for design applications to circumvent the limiting assumptions
used in the M-O method. Judging from the results of model tests by several researcﬁers, Whitman (1990)
found that use of the M-O method for design of relatively simple gravity walls up to 30 ft high is
acceptable. However, for higher walls and non-yielding walls, he recommended a more careful analysis be

performed.



Richards and Elms 1979

One of the more important recent developments in characterizing the seismic soil pressure for retaining
walls was the work performed -by Richards and Elms (1979). Using the M-O method and the Newmark’s
sliding-block analogy, the authors proposed a displacement-controlled method which incorporates basic
ground motion parameters (maximum acceleration and maximum velocity) and reduces the seismic soil
pressure based on the acceptable amount of the wall movement. In practice, the method is currently used

for designing walls for which limiting horizontal displacements are of no concern.

Wood (1973)
While the M-O method was developed for yielding walls, Wood (1973) developed an equivalent static

elastic solution for seismic soil pressure for non-yielding walls. The solution is based on finite element
analysis of a soil-wall system for a wall resting on a rigid base and a uniform soil layer behind the wall. In
general, Wood’s solution amounts to a lateral force that acts about 0.63 times the height of the wall above the
base of the wall which corresponds approximately to a parabolic distribution of soil pressure unlike M-O’s
inverted triangular distribution. Wood’s solution predicts seismic soil pressure larger (by a factor of 2 to 3)
than the pressure predicted by the M-O method. The elastic solution proposed by Wood has been adopted
by ASCE Standards for Nuclear Structures (1986) and has been used in many applications. Wood’s solution
requires knowledge of the maximum ground acceleration along with the density and Poisson’s ratio of the

soil to obtain the seismic soil pressure behind the wall.

Matsuzawa et al. (1984), Ishibashi et al. (1985)

To address saturated backfill conditions and to include the hydrodynamic forces, the M-O method was
extended by Matsuzawa et al. (1984) and Ishibashi et al. (1985). A comprehensive summary of the zill the
M-O based methods and their applications to various retaining wall conditions are documented in a recent
US Army publication (Ebeling and Morrison, 1992).

Veletsos et al. (1994a, 1994b)

More recently, Veletsos and Younan (1994a, 1994b) developed an analytical model to compute seismic soil
pressure for rigid vertical walls resting on a rigid base. The proposed model is based on the series of
elastically supported semiinfinte horizontal bars with distributed mass to model the soil medium behind the
wall. The model was developed for vertically propagating shear waves with the assumption that horizontal
variation of vertical displacements in the soil medium is ‘negligible. In this model, contrary to Wood’s
equivalent static solution, amplification of motion in the soil medium behind the wall is considered. The
model highlights the effects of several parameters including the frequency of vibration on the seismic soil
pressure magnitude and distribution. The model was subsequently expanded for application to cylindrical
vaults and storage buildings (Veletsos and Younan, 1994c; 1995).
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Significance of Seismic Soil Pressure in Design

Seed and Whitman (1970) summarized damage to wall structures during earthquakes. Damage to retaining
walls with saturated backfills is typically more dramatic and is frequently reported in the literature.
However, damage reports of walls above the water table are not uncommon. A number of soil retaining
structures were damaged in the San Fernando earthquake of 1971. Wood (1973) reports that the walls of a
large reinforced concrete underground reservoir at the Balboa Water Treatment Plant failed as a result of
increased soil pressure during the earthquake. The walls were approximately 20 ft high and were restrained

by the top and bottom slabs.

Damage has been reported for a number of underground reinforced concrete box-type flood control
channels. Richards and Elms (1979) report damage to abutment of bridges after the 1968 earthquake in
Inangahua, New Zealand. Out of the 39 bridges inspected, 24 showed measurable movement and 15
suffered damage on bridge abutments. In the Madang earthquake of 1970 in New Guinea, the damage
patterns were similar. Out of 29 bridges repaired, some experienced abutment lateral movements as much
as 20 inches. Reports on failed or damaged bridge abutments indicate mainly settlement of the backfill and

pounding of the bridge superstructure against the abutment in longitudinal and transverse directions.

Nazarian and Hadjian (1979) also summarized damage to soil-retaining structures during past earthquakes.
Damage to bridges has also been reported from various earthquakes including 1960 Chilean, 1964 Alaskan,
1964 Nigata, 1971 San Fernando, and 1974 Lima. Most of the reported damage can be attributed to the

increased lateral pressure during earthquakes.

Numerous damage reports are available from recent earthquakes which report damage to the embedded
walls of buildings. However, contribution of the seismic soil pressure to the damage can not be quantified
since the embedded walls often carry the inertia load of the superstructure with cracks extending in all
directions in the walls of the buildings. On the other hand, simple structures, such as underground box-type
structures, retaining walls, and bridge abutments have suffered damage due to the increased soil pressure.
All of these reports and others not mentioned highlight the significance of using appropriate seismic soil

pressure in design.

RECENT EXPERIMENTS AND OBSERVATIONS

Lotung Experiment

Soil-structure interaction (SSI) effects play a significant role in the dynamic response of critical structures
and internal components. Recognizing these effects, the Electric Power Research Institute (EPRI) with the
cooperation from Taiwan Power Company (TPC) and the United States Nuclear Regulatory Commission

(NRC) sponsored a large-scale experiment in the earthquake active area of Lotung, Taiwan. The objective
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of the experiment was to evaluate the SSI analyses methodologies and to reduce uncertainties in the design.
In this experiment, a 1/4-scale containment model was constructed. Instrumentation was installed both in
the containment model and at the site. Since completion of the model and its instrumentation in October
1985, a number of recordings from earthquakes ranging in Richter magnitude 4.5 to 7.0 have been made at
the site. The information on site condition, soil properties, and structural drawings were distributed to
selected teams from the industry and academia (a total of 13 groups one which was Bechtel) to predict the
responses on a round-robin basis. The results of this extensive experiment and follow up studies are
published in several EPRI reports (EPRI, 1989; EPRI, 1991). The senior author also participated in the
studies performed by Bechtel.

The Lotung site is a relatively flat with a relatively soft surface layer with thickness of 200 ft to 260 ft (60 m
to 80 m) overlying deep alluvium stratum. The soil properties in terms of low-strain shear and compression
wave velocities were measured at the site. The shear wave velocity is about 100 m/sec increasiﬁg to 250
m/sec at the depth. In addition cyclic laboratory testing was performed on soil samples and the strain-

dependent soil properties were obtained.

The instrumentation for the experiment is extensive and consists of accelerometers and pressure gages in
the model and in the free-field. Pressure gages were installed beneath the basemat for monitoring uplifting
and bonding/de-bonding of the basemat from the supporting soil layer. In addition, pressure gages were

also installed on the perimeter of the containment shell to measure seismic lateral soil pressure.

A number of earthquakes up to magnitude 7 were recorded at the site. For the purpose of this study, only
the records from earthquake event LSSTO07 are used. The LSSTO7 event occurred on May 20, 1986 at
about 40 miles(66.2 km) from the Lotung experiment. This event had a Richter magnitude of 6.5. The
peak ground acceleration in the free-field at the ground surface were 0.16g, 0.21g, and 0.04g in the east-

west, north-south, and vertical directions, respectively.

A typical recorded rime histories of seismic soil pressure is shown in Figures 1. Most time histories show a
drift in the response and substantial residual pressure at the end of the shaking. Some of the pressure time
histories have also been examined by Chang et al. (1990). As suggested by Chang et al., the drift in the
time history and the residual pressure are attributed to the compaction of the backfill material during
shaking and particle re-arrangement of the materials in the soil near the instrument. For this reason the
recorded pressure time histories were corrected to eliminate the drift and the residual pressure in order to
obtain the peak transient stresses. The corrected pressure time history is also shown in Figure 1 with

positive sign indicating pressure and negative sign indicating extension.



The seismic soil pressure shown in Figure 1 is the normal stress component with the direction normal to the
body of the containment shell in the North-South direction. The magnitude of the stress is a function of the
relative motion of the containment and the surrounding soil and the soil properties. In the Lotung
experiment, the relative motion was caused primarily by the rigid body rocking motion of the containment
shell. To evaluate the effect of rocking motion on the lateral seismic soil pressure, frequency contents of
the rocking motion are compared with the frequency contents of the pressure time history at one location, as
shown in Figure 2. Comparison of the pair of spectra shows that, while the nature of the spectral amplitudes
are different and are expected to have different amplitudes, the frequency content of the two motions are

very similar, particularly at the rocking frequency of the containment shell (2.2 Hz).

The overall comparison of the results (see Ostadan and White, 1997) indicates that the seismic soil pressure
is caused by the relative motion of the structure with respect to the surrounding soil and as such it is a SSI
response. This implies that the seismic soil pressure will not only be affected by the soil properties and the
characteristics of the ground motion, but also the structural properties as well as the size of the structure

and its foundation embedment.

Finally, the result of the SSI analysis using the computer program SASSI (Lysmer et al., 1981) in terms of
seismic soil pressure was obtained and compared with the recorded pressure in terms of spectral amplitudes

in Figures 3

Other Observations From Recent Field and Experimental Data

In recent years, several field and laboratory experiments have been conducted to resolve the complexities
associated with the seismic soil pressure and to develop a more realistic design parameter for the design of

embedded structures. A summary of the selected recent investigations is presented below.

Case 1 - Deeply Embedded Reactor Building

Hirota et al. (1992) have collected and studied the soil pressure data from instrumented buildings since
1989. Specifically, the data from a deeply embedded reactor building (embedment depth of 120 ft) in a
suburb of Tokyo have been presented and evaluated. The data from a total of eight earthquake records are

presented. The principal conclusions of the study are as follows:

e The seismic soil pressure is significantly affected by the low-frequency content of the earthquake
motion.
e Comparison of the pressure time history with the derived relative displacement time history between

the structure and the far-field shows similar characteristics in phase and amplitude.



Case 2 - Deeply Embedded Structure

Matsumoto et al. (1991) and Watakabe et al. (1992) present the results of a study using the recorded data

for a deeply embedded building in a suburb of Tokyo. The site consists of a soft alluvial layer with a

thickness of 120 ft underlain by a much stiffer formation. The shear wave velocity of the upper layer ranges

from 300 ft/sec to 1000 ft/sec. The building foundation rests on the stiff formation. The records from a

total of 21 earthquakes have been collected and examined. The main points of the investigation are as

follows:

e  Frequency content of the soil pressure was examined by comparing the normalized response spectra of
the soil pressure with the normalized velocity spectra of the motion in the soil layers at the respective
elevations. The shapes of the normalized spectra closely matched.

e The finite element method employed was able to predict the soil-interaction effects. This conclusion
confirms the use of finite element and soil-structure interaction techniques to predict seismic soil

pressure.

Case 3 - Underground LNG Storage Tanks

Koyama et al. (1988,1992) collected and examined the earthquake and seismic soil pressure records from

two large scale Liquid Natural Gas (LNG) underground storage tanks. The instrumented tanks are large

diameter concrete tanks (200 ft diameter, 120 ft high). The site soil is a medium dense sand with a shear

wave velocity of 1300 ft/sec. Over the 8-year period, records from 70 earthquakes have been collected and
‘ examined. The authors concluded that the seismic soil pressure is strongly correlated to the to the

acceleration and the relative displacement of the tank and the ground.

In addition to the field experiments, a number of laboratory tests have been recently performed Kazama and

Inatoi (1988) and Itoh and Nogami (1990). Evaluation of the test results showed that:

e The dynamic soil pressure is amplified near the resonant frequency of the backfill sand.

e  The effect of soil nonlinearity on the peak dynamic pressure can be observed by increasing the
amplitude of the vibration.

e The dynamic soil pressure distribution is consistent with the relative displacement between the ground
and the caisson.

¢ Finite element analysis methods are able to reproduce the measured data.

e At the soil column resonant frequency, the seismic soil pressure acts in the direction of the basement
movement to drive the structure, whereas at the structural resonant frequency, the dynamic pressure

acts in the opposite direction of the basement movement to restrain the movement of the structure.



Recognition of the Problem and Objective of the Study

In spite of the much better understanding of the soil-wall interaction behavior that have evolved over the
years, the M-O method continues to be widely used despite many criticisms and its lirnitations. As stated
above, the method was developed for gravity retaining walls with cohesionless backfill materials. In design
applications, however, the M-O method or any of its derivatives is commonly used for below ground
building walls. In this regard, the M-O method is one of the most abused methods in the geotechnical

practice.

In view of the overwhelming information and evidence on the dynamic behavior of buildings, some of
which was outlined above, the United States Nuclear Regulatory Commission (US NRC, 1991) recently

issued a position paper on the subject of the seismic soil pressure. Pertinent excerpts are quoted as follows:

“The use of the M-O method of analysis to compute pressure on embedded walls of structures like
the nuclear island (NI) structure of ..... is not considered appropriate since the development of the
limit conditions in the soil requires wall movements which are most likely inappropriate for SSI
conditions anticipated. The M-O approach will generally lead to a lower bound estimate for soil
loads (using active state conditions in the soil) since the soil in the active wedge is assumed to
transfer part of the load to the soil below through its own shear strength...”

It-is the objective of this study to develop a simple and practical method to predict lateral seismic soil

pressure for building walls.

e The walls of the buildings are often of the non-yielding type. The movement of the walls is limited due
to the presence of the floor diaphragms, and displacements to allow development of the limit-state
conditions are unlikely to develop during the design earthquake.

e The frequency content of the design motion is fully considered. Use of a single parameter as a measure
of design motion such as peak ground acceleration may misrepresent the energy content of the motion,
at frequencies important for soil amplifications.

e  Appropriate soil properties are included in the analysis. For soil dynamic problems, the most important
soil property is the shear wave velocity followed by the material damping, Poisson’s ratio, and density
of the soil.

e The method is flexible to allow for consideration of soil nonlinear effect where soil nonlinearity is
expected to be important.

e The interaction between the soil and the building is represented. This includes consideration for the
building rocking motion, amplification and variation of the motion in the soil, geometry, and

embedment depth of the building.



SIMPLIFIED METHOD TO PREDICT LATERAL SEISMIC SOIL PRESSURE FOR BUILDING
WALLS ON ROCK OR FIRM FOUNDATIONS

In this section, the dynamic characteristics of lateral seismic soil pressure for buildings with basemat resting
on rock or firm soil layers are examined and a simplified method for predicting seismic soil pressure is
presented. It is assumed that the building walls are effectively rigid. The condition that the basemat rests
on a firm soil layer also simplifies the problem in that the rocking vibration of the buildings becomes
insignificant. With this assumption, the embedment ratio of the building (embedment depth to basemat
width) will not play a role in the results. The extension of the method for buildings embedded in deep soil

layers is presented in the next section.

To investigate the characteristics of the lateral seismic soil pressure, a series of seismic soil-structure
interaction analyses was performed using the Computer Program SASSIL. A typical SASSI model of a
building basement is shown in Figure 4. The embedment depth is designated by H and the soil layer is
identified by the shear wave velocity, Vs, the Poisson’s ratio, v, total mass density, p, and the soil material
damping, B. The basemat is resting on rock or a firm soil layer. A column of soil elements next to the wall

is included in the model in order to retrieve the pressure responses from the results.

For this analysis, the acceleration time history of the input motion was specified at the top of the rock layer
corresponding to the basemat elevation in the free-field. In order to characterize the dynamic behavior of
the soil pressure, the most commonly used wave field consisting of vertically propagating shear waves was
specified as input motion. The frequency characteristics of the pressure respor-nse were examined using
harmonic shear waves for a wide range of frequencies. For each harmonic wave, the amplitude of the
normal soil pressure acting on the building wall at three locations (Elements 2, 10, and 15 in Figure 4) was
obtained. The pressure responses are presented in terms of pressure transfer function amplitudes which are
the ratio of the amplitude of the seismic soil pressure in the respective element to the amplitude of the input
motion (1g harmonic acceleration) in the free-field for each harmonic frequency. The analyses were
performed for a building with embedment of 50 ft and soil shear wave velocities of 500, 1000, 1500, and
2000 ft/sec, all with the Poisson’s ratio of 1/3. The material damping in the soil was specified to be 5%.
The transfer function results for Element 2 (see Figure 4) are shown in Figure 5. As shown in this figure,
the amplification of the pressure amplitude takes place at distinct frequencies. These frequencies increase
as the soil shear wave velocity increases. The amplitude of soil pressure at low frequency was used to
normalize the amplitude of the pressure transfer functions for each element. The frequency axis was also

normalized using the soil column frequency which was obtained from the following relationship:

f=Vs/(4 xH) (1)
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In the above equation, Vs is the soil shear wave velocity and H is the embedment depth of the building.

The normalized transfer functions are shown in Figure 6. As shown in this figure, the amplification of the
pressure is about the same for all the shear wave velocities considered. In all cases the maximum
amplification takes place at the frequency corresponding to the soil column frequency. Similarly, the results
for points in the mid-height and bottom of the wall were examined (Ostadan and White, 1997). These

results also showed the same characteristics described above.

Examining the dynamic characteristics of the normalized pressure amplitudes (such as those shown in
Figure 6), it is readily evident that such characteristics are those of a single degree-of-freedom (SDOF)
system. Each response begins at a value of one and increases to a peak value at a distinct frequency and
subsequently reduces to a small value at high frequency. Dynamic behavior of a SDOF system is
completely defined by the mass, stiffness and associated damping constant. It is generally recognized that
response of a SDOF system is controlled by the stiffness at low frequency, by damping at resonant

frequency, and by the inertia at high frequencies.

Following the analogy for a SDOF system and in order to characterize the stiffness component, the pressure
amplitude at low frequencies for all elements (Elements 1 through 15 in Figure 4) was obtained and plotted
as shown in Figure 7 in terms of the normalized height (Y/H, H=50 ft; Y is the distance from the base of the
wall as shown in Figure 4). The pressure amplitudes at low frequency are almost identical for the wide
range of the soil shear wave velocity profiles considered. The sudden increase shown at the top of the
profile is due to the zero stress boundary condition near the ground surface and can be improved if finer
elements are used. However, it is also generally recognized that soils particularly at shallow depths with
low confining pressure have low shear strength and are subject to softening during vibration. For this
reason, the normalized pressure profile was adjusted to have a vertical tip as shown in Figure 7. The shape
of the normalized pressure will be used as a basis to determine seismic soil pressure along the height of the
building wall. This will be discussed after the seismic soil pressure is examined for cases in which input

motion is specified at the ground surface level.

A similar series of parametric studies were also performed by specifying the input motion at the ground
surface level (Ostadan and White, 1997). The results of these studies also showed that the seismic soil
pressure in normalized form can be represented by a single dégree—of-freedom (SDOF) system. For both
cases considered, the low frequency pressure profiles depict the same distribution of the pressure along the
height of the wall as shown in Figure 7. This observation is consistent with the results of the analytical
model developed by Veletsos and Younan (1994a). Since all the soil-structure interaction analyses were

- performed for the Poisson’s ratio of 1/3, the pressure distribution was adjusted for the soil’s Poisson’s ratio

using the factor recommended by Veletsos and Younan (1994a). The Y/, factor is defined by:
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For the Poisson’s ratio of 1/3 used in the analysis, Y/, is 1.897. Use of Y/, in the formulation allows

correction of the soil pressure amplitude for various Poisson’s ratios. The adjusted soil pressure
distribution is also shown in Figure 7. Using the adjusted pressure distribution, a polynomial relationship
was developed to fit the normalized pressure curve. The relationship in terms of normalized height, y =

Y/H (Y is measured from the bottom of the wall and varies from O to H), is as follows:
p(y) = -.0015 + 5.05y - 15.84y* + 28.25y> - 24.59y* + 8.14y° 3)

The area under the curve can be obtained from integration of the pressure distribution over the height of the

wall. The total area is 0.744 in terms of normalized wall height or 0.744H for the wall with the height H.

Having obtained the normalized shape of the pressure distribution, the amplitudes of the seismic pressure
can be also obtained from the concept of a SDOF. The response of a SDOF system subjected to earthquake
loading is readily obtained from the acceleration response spectrum of the input motion at the damping
value and frequency corresponding to the SDOF. The total load is subsequently obtained from the product

of the total mass times the acceleration spectral value at the respective frequency of the system.

To investigate the effective damping associated with the seismic soil pressure ampliﬁca-tion and the total
mass associated with the SDOF system, the system in Figure 4 with wall height of 50 ft and soil shear wave
velocity of 1500 ft/sec was subjected to six different input motions in successive analyses. The motions
were specified at the ground surface level in the free-field. The acceleration response spectra of the input
motions at 5% are shown in Figure 8. The motions are typical design motions used for analyses of critical
structures. From the set of six shown in Figure 8, two motions labeled EUS local and distant are the design
motions for sites in Eastern US with locations close and far away from a major fault. The ATC S1 motion
is the ATC recommmended motion for S1 soil conditions. The WUS motion is the design motion for a site
close to a major fault in Western US. The RG1.60 motion is the standard site-independent motion used for
nuclear plant structures. Finally, the Loma Prieta motion is the recorded motion from the Loma Prieta
earthquake scaled to 0.3g maximum acceleration. This motion is used in the analysis as described in later
sections. All motions are scaled to 0.30g and limited to frequency cut-off of 20 Hz for use in the analysis.
The cut-off frequency of 20 Hz reduces the peak ground acceleration of the EUS local motion to less than
0.30g due to high frequency content of this motion as shown in Figure 8.



The maximum seismic soil pressure values at each depth obtained from the analyses for the various input
motions are shown in Figure 9. The amplitudes of the pressure vary from one motion to the other with
larger values associated with use of RG1.60 motion. Using the pressure profiles in Figure 9, the lateral
force acting on the wall for each input motion was computed. The lateral force represents the total inertia
force of a SDOF for which the system frequency is known. The system frequency for the case under
consideration is the soil column frequency which is 7.5 Hz based on Eqn (1). The total force divided by the
spectral acceleration of the system at 7.5 Hz at the appropriate damping ratio amounts to the mass of the
SDOF. To identify the applicable damping ratio, the acceleration response spectrum of the free-field
response motions at the depth of 50 ft were computed for all six motions shown in Figure 8 for damping
ratios of 5, 10, 20, 30, 40, 50, and 60 percents. Knowing the total force of the SDOF, the frequency of the
system, and the input motion to the SDOF system, the relationship in the form proposed by Veletsos and
Younan (1994a) was used to compute the total mass and the damping of the SDOF system. For the total

mass, the relationship is

m=0.50xpr2x v, @

where p is the mass density of the soil, H is the height of the wall, and ¥/, is the factor to account for the

Poisson’s ratio as defined in Eqn (2). In the analytical model developed by Veletsos and Younan, a
constant coefficient of 0.543 was used in the formulation of the total mass. Study of the soil pressure
transfer functions and free-field response motions at the depth of 50 ft showed that spectral values at the soil
column frequency and at 30% damping have the best correlation with the forces computed directly from the
SSI analysis. In the Veletsos and Younan’s model, a damping of 27.5 + B percent has been proposed where
B is the material damping of the soil (%). For the case of 5% soil material damping, the proposed spectral
damping amounts to 32.5%. However, as shown by Ostadan and White (1997), the spectral values of the
various motions considered are insensitive to the spectral damping ratios at the soil column frequency of
7.5. The various motions, however, have significantly different spectral values at the soil column
frequency. This observation leads to the conclusion that while the frequency of the input motion
particularly at the soil column frequency is an important component for magnitude of the seismic soil
pressure, the spectral damping ratio selected is much less important in terms of pressure amplitudes. The

role of soil material damping is discussed by Ostadan and White (1997).

Simplified Method: Computational Steps

To predict the lateral seismic soil pressure for below ground building walls resting on firm foundation and
assuming rigid walls, the following steps should be taken: °
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1. Perform free-field soil column analysis and obtain the ground response motion at the depth
corresponding to the base of the wall in the free-field. The response motion in terms of acceleration
response spectrum at 30% damping should be obtained. The free-field soil column analysis may be
performed using the Computer Program SHAKE (Schnabel et al., 1972) with input motion specified
either at the ground surface or at the depth of the foundation basemat. The choice for location of
control motion is an important decision that needs to be made consistent with the development of the
design motion. The location of input motion may significantly affect the dynamic responses of the

* building and the seismic soil pressure amplitudes.

2. Use Eqn (4) to compute the total mass for a representative SDOF system using the Poisson’s ratio and

mass density of the soil.

3. Obtain the lateral seismic force from the product of the total mass obtained in Step 2 and the
acceleration spectral value of the free-field response at the soil column frequency obtained at the depth

of the bottom of the wall (Step 1).

4. Obtain the maximum lateral seismic soil pressure at the ground surface level by dividing the lateral

force obtained in Step 3 by the area under the normalized seismic soil pressure, 0.744 H.

'5.  Obtain the pressure profile by multiplying the peak pressure with the pressure distribution relationship
shown in Eqn (3).

One of the attractive aspects of the simplified method is its ability to consider soil nonlinear effect. The
soil nonlinearity is commonly considered by use of the equivalent method and the strain-dependent soil
properties. Depending on the intensity of the design motion and soil properties, the effect of soil
nonlinearity can be important in changing the soil column frequency and therefore, amplitude of the spectral

response at the soil column frequency.

Accuracy of the Simplified Method
The simplified method outlined above was tested for building walls with heights of 15, 30 and 50 ft using

up to six different time histories as input motion. The results computed directly with SASSI are compared
with the results obtained from the simplified solution. A typical comparison is shown in Figure 10. More
extensive validation of the method is presented by Ostadan and White (1997).

Comparison to Other Commonly Uses Solutions
The seismic soil pressure results obtained for a building wall 30 ft high embedded in a soil layer with shear

wave velocity of 1000 ft/sec using the M-O, Wood and the proposed simplified methods are compared in
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Figure 11. For the simplified method, the input motions defined in Figure 8 were used. The M-O method
results in the smallest pressure values. This is understood since this method relies on the wall movement to
relieve the pressure behind the wall. Wood's solution generally results in the maximum soil pressure and is
independent of the input motion as long as the peak acceleration is 0.3 g. The proposed method results in a
wide range of pressure profiles depending on the frequency contents of the input motion, particularly at the
soil column frequency. For those motions for which the ground response motions at the soil column
frequency are about the same as the peak ground acceleration of the input motion, e.g., RG1.60 motion, the
results of the proposed method are close to Wood’s solution. Similar trend in the results is observed if sum
of the lateral forces and the overturning moments from the above three methods are compared (Ostadan and

White, 1997).

The simplified method was extended for application to soil layered system and soil deposits with parabolic
distribution of the shear modulus. The extended method and its verification are discussed by Ostadan and
White (1997).

SIMPLIFIED METHOD TO PREDICT LATERAL SEISMIC SOIL PRESSURE FOR BUILDINGS
IN DEEP SOIL SITES

One of the distinct dynamic characteristics of a building in a deep soil site is its rocking vibration which has
a significant role on distribution of the pressure depending on the embedment ratio (embedment depth
versus plan dimensions), dynamic properties of the soil, and frequency contents of the ground motion under

consideration.

Mita and Luco (1989) have reported the harmonic response of an embedded square foundation subjected to
vertically propagating shear waves. The results adopted from the authors but modified to reflect the same
nomenclature used in this report are shown in Figure 12. The results are for a square foundation with plan
dimensions of 2B x 2B and embedment depth H. The halfspace is characterized by the shear wave velocity
of Vs. The free-field motion has a unit amplitude at the ground surface at each harmonic frequency. The
horizontal translational motion of the foundation (D) at the middle point corresponding to the basemat
motion and the normalized rocking motion represented in terms of HxT are shown in terms of
dimensionless frequency ratio a;= wxH/Vs where T is the angle of rocking rotation and @ is the circular
frequency at each harmonic frequency under consideration. The dimensionless frequency is a measure of
the harmonic shear wave length as compared to the embedment depth H. The free-field motion
corresponding to the basemat depth (depth of H) in the free-field shows decreasing amplitude with
increasing frequency. At the soil column frequency of f= Vs/(4xH), the dimensionless frequency al is
1.57 at which the amplitude of the free-field motion is zero. The foundation motion is a function of the
frequency of vibration and the embedment ratio (H/B).
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In order to examine the effect of rocking motion on seismic soil pressure, a series of SSI analyses were
performed using the soil shear wave velocities of 500, 1000, 1500, and 2000 ft/sec. In all cases, the wall
height considered was H=50 ft but the foundation width (2B) was changed successively from 50 ft, to 100
ft, 200 ft, and to 400 ft, resulting in embedment ratios of B/H=0.5, 1, 2, and 4. The input motion was
specified at the basemat level in the free-field. A typical result in terms of amplitude of pressure transfer
function is shown in Figures 13. For each soil case, the results from all three elements are clustered
together with the same peak frequency which leads to the conclusion that (1) the soil column frequency
continues to be the most significant frequency for the response in terms of maximum value of the seismic
soil pressure, and (2) the frequency of the peak response is not affected by the embedment ratio. However,
the distribution of the maximum soil pressure in terms of amplitude of the pressure in Elements 2, 5, and 10
is significantly affected by the rocking motion of the building and thus the embedment ratio. The effects of
rocking motion on distribution of maximum seismic soil pressure for four different aspect ratios are shown
in Figure 14. As shown, for buildings with narrow width, the rocking motion tends to reduce the amplitude

of the soil pressure at top of the wall.

The results of the parametric studies performed for deep soil sites were also examined in detail. Limitation
of space prohibits detail discussion of the studies performed. The computational steps for deep soil sites

are, however, similar to the rigid case and consist of the following:

.1.  Perform free-field soil column analysis and obtain the response motion in terms of acceleration
response spectrum at 30% damping at the depth corresponding to the basemat elevation in the free-
field.

2. Obtain the soil column frequency using Eqn (1) and obtain the spectral value at the soil column
frequency using the results of Step 1.

3. Use the following relationship to obtain the lateral force acting on the wall:
F=axpxH*xSax¥, &)

where p is the mass density of the soil, H is height of the wall, Sa is the spectral value of the free-field
response obtained in Step 2, and ¥, is the function tﬁat considers the effect of soil Poisson’s ratio and
can be obtained using Eqn (2). In order to represent the effect of the embedment ratio and reduction
of soil pressure due to rocking motion as well as its increase beyond the rigid base cases for wide
buildings, the parameter o is defined in the equation above. This parameter was determined from
back-calculation of the lateral force obtained from soil pressure and the shear stress under the basemat
to hold the equilibrium of forces in the horizontal diréction. Using the results of the all the parametric

studies, the following values were obtained for o
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Embedment Ratio, B/H Parameter o

0.50 0.27
1.0 0.43
20 0.62
4.0 0.92

Obtain the maximum soil pressure by dividing the lateral force obtained from Step 3 to the area under
the soil pressure curve provided in Eqns(6) through (9) below depending on the embedment ratio. For

an embedment ratio that falls in between the ratios considered, use interpolation.

Embedment ratio of B/H=0.50

p(y) =-2.58y° + 0.32 y> +2.46 y - 0.03 6)
Maximum pressure at the depth y = 0.625

Area under the curve = 0.632H

Point of application for resultant force, Y = 0.55H

Embedment ratio of B/H=1.0

p(y) = 0.60y -3.09y? + 3.34y - 0.025 0
Maximum pressure at the depth y = 0.625

Area under the curve = 0.77H

Point of application for resultant force, Y =0.58H

Embedment ratio of B/H=2.0

p(y) =-1.33y* + 4.38y’ - 5.66y° + 3.44y + 0.17 (8)
Maximum pressure at top of the wall y =1

Area under the curve = 0.832H-

Point of application for resultant force, Y = 0.57H

Embedment ratio of B/H=4.0

p(y) = -0.085y* + 0.47y + 0.61 ©)
Maximum pressure at top of the wall y =1

Area under the curve = 0.82H

Point of application for resultant force, Y = 0.54H

Multiply the maximum lateral soil pressure from Step 4 by the relationships provided in Eqns (6)
through (9) to get the pressure distribution depending on the embedment ratio of the foundation under
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consideration. Judgment should be exercised to obtain the distribution for embedment ratios in

between the four embedment ratios considered above.

The simplified method for deep soil sites was also tested extensively for a wide range of soil properties and

foundation embedment ratios (Ostadan and White, 1997).

A comparison of the simplified method with the M-O and Wood’s methods for a building with four
different embedment ratios is shown in Figure 15. The results clearly demonstrates the effect of the rocking

motion on distribution of the seismic soil pressure.

SUMMARY AND CONCLUSION
The Mononobe-Okabe (M-O) method was developed in the 1920’s. Since then, a great deal of research

work has been performed to evaluate its adequacy and to improve it. The method is, strictly speaking,
applicable to gravity retaining walls which, upon experiencing seismic loading, undergo relatively large
movement to initiate the sliding wedge behind the wall and to relieve the pressure to its active state.
Unfortunately, the method has been and continues to be used extensively for embedded walls of the
buildings as well. Recent ﬁpld observations and experimental data, along with enhancements in analytical
techniques have shown that hardly any of the assumptions used in the development of the M-O method are
applicable to building walls. The data and the follow up detail analysis have clearly shown that the seismic
soil-pressure is an outcome of the interaction between the soil and the building during the seismic excitation
and as such is function of all parameters that affect soil-structure interaction (SSI) response. Some of the
more recent observations and experimental data were presented in the paper. The new understanding of the
attributes of seismic soil pressure prompted the United Sates Nuclear Regulatory Committee (NRC) to
reject the M-O and the M-O based methods for application to critical structures. At this time, while
elaborate finite element techniques are available to obtain the soil pressure for design, no simple method has
been proposed for quick prediction of the maximum soil pressure, thus hindering the designer’s ability to
use an appropriate method in practice. To remedy this problem, the current research was conducted to
develop a simple method which incorporates the main parameters affecting the seismic soil pressure for

buildings.

Using the concept of the single degree-of-freedom, a simplified method was developed to predict maximum
seismic soil pressures for buildings resting on firm foundation materials. The method incorporates the
dynamic soil properties and the frequency content characteristics of the design motion in its formulation. It
was found that the controlling frequency that determines the maximum soil pressure is that corresponding to
the soil column adjacent to the embedded wall of the building. The proposed method requires the use of
conventionally-used simple one-dimensional soil column analysis to obtain the relevant soil response at the

base of the wall. More importantly, this approach allows soil nonlinear effects to be considered in the
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process. The effect of soil nonlinearity can be important for some applications depending on the intensity
of the design motion and the soil properties. Following one-dimensional soil column analysis, the proposed
method involves a number of simple hand calculations in order to arrive at the distribution of the seismic
soil pressure for design. The accuracy of the method relative to the more elaborate finite element analysis

was verified for a wide range of soil properties, earthquake motions, and wall heights.

The method was extended to include buildings on deep soil sites . The complexity of the seismic soil
pressure for such cases is compounded by the rocking motion of the structure. The rocking motion is in
turn, a function of soil properties, frequency content of the design motion, and embedment ratio of the
structure. A wide range of parametric studies were performed that cover many practical cases. The steps
for the analysis are similar to the steps outlined for buildings on rock except that an appropriate pressure
distribution curve should be selected to observe the effect of the embedment ratio. Similarly, the accuracy

of the proposed method was verified against a more detailed SSI analysis.
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Figure 2

Comparison of Response Spectra (5% Damping)
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Figure 3

Soil Pressure Response Spectra (5% Damping)
Comparison of Recorded and Computed Soil Pressure Records
EPRI Lotung 1/4 Model, Event LSST07, Station P4N1.14, N-S Direction
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Figure 5

Amplitude of Soil Pressure Transfer Functions
Rigid Halfspace. Rigid Wall. H=50 ft, v=1/3, $=0.05
Element 2 -- D/H =0.075. Input Motion at the Base of the Wall
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Figure 6
Amplitude of Soil Pressure Transfer Functions
Rigid Halfspace, Rigid Wall, H = 50 ft, v = 1/3, p = 0.05
Element 2 -- D/H = 0.075. Input Motion at the Base of the Wall
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Figure 7
Amplitude of Soil Pressure Transfer Function
Rigid Halfspace, Rigid Wall. H=50 ft, v=1/3, p=0.05
Average Amplitude in Freq. Range 0.10 - 0.25 Hz
1g Harmonic Input Motion
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Acceleration Response Spectra (5%)
Comparison of Different Input Earthquake Motions: Free-Field
At Ground Surface, Cutoff Freq. = 20 Hz.
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Figure 9
Maximum Seismic Soil Pressure - psf
WALL 50 ft, Vs=1500 ft/sec, v=1/3, B=5%
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Maximum Seismic Soil Pressure (psf)
WALL 30 ft, Vs=1000 ft/sec, v=1/3, f=5%
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Figure 11
Maximum Seismic Soil Pressure (psf)
WALL 15 ft, Vs=500 ft/sec, v=1/3, B=5%
All Motions
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Flgure 12
Normalized Amplitude Response Ratio of Horizontal D and Rocking H*T Motions
For Square Embedded Foundations
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Figure 13

Amplitude of Soil Pressure Transfer Functions
B/H=0.50, H=50 ft, v=1/3, p=0.05

Input Motion at the Base of the Wall
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Figure 14
Maximum Seismic Soil Pressure
H=50 ft, Vs=500 ft/sec, v=1/3, B=5%
RG1.60 Motion at the Base
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Figure 15
Maximum Seismic Soil Pressure
H=50 FT, Vs=1000 ft/sec, v=1/3, f=5%
RG1.60 Motion
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DESIGN OF PILES CONSIDERING THE DEFORMATION RESPONSE
UNDER THE ACTION OF EARTHQUAKE SHAKING

By Madan B. Karkee', Yoshihiro Sugimura’ and Kaoru Fujiwara’

ABSTRACT: There have been several instances of damage to piles at deeper part, generally near the
soil layer interfaces, during the past earthquakes. Such damages are inherently difficult to detect
and repair, mandating adequate provision in the design to make them as unlikely as possible.
Nonlinear response analysis of soil-pile-structure system considering a two dimensional FEM
model shows distinctly large ground response forces near soil layer interfaces, demonstrating the
nature of stresses that may develop in piles due to distinct stiffness contrast between soil layers.
While such detailed analysis is rather impractical for the general design application, current
practice of designing the pile for a single concentrated load representing the inertia effect of the
superstructure involves implicit disregard of the actions on piles attributable to the ground
deformation response. A simple approach to account for the ground deformation response actions
on piles is proposed and the potential for its use in practical design application is discussed.

INTRODUCTION

Investigations on the damage to piles during the past
earthquakes provide some basic information concerning
the nature of failures in piles at locations with deep soil
deposit under strong ground shaking. Examples include
the January 17, 1995 Hyogoken-Nambu earthquake
(Karkee & Kishida 1997, Karkee et al. 1997, Matsui &
Oda 1996 etc.) and the June 12, 1978 Miyagiken-oki
earthquake (Sugimura 1981, 1987). Remarkably
significant instance of the damage is reported to have
occurred at deeper parts along the pile, particularly in
relatively longer piles. Evidently, the location of pile
damage at the intermediate part in longer piles also tends
to coincide with changes in soil layering, giving rise to
stiffness contrast interfaces.

The stresses developed in piles due to the soil-pile-
structure interaction under earthquake shaking consist of
the superstructure inertia effects as well as the kinematic
effects of ground response. The latter effects are termed
simply as ‘ground response effects’ in this paper. Relative
magnitude of the inertial and the ground response actions
depends on the ground condition as well as the level of
excitation. Generally, long piles penetrating a deep
layered deposit, particularly where there is a sudden
change in soil stiffness, are likely to be exerted by large
ground response forces. However, only the inertia effects
tend to be explicitly accounted for in the seismic design
practice for piles. The horizontal force to be resisted by
the pile consists of the inertia of the building, and the
basement if applicable (BCJ 1984), with no recognition
of the ground response effects explicitly.

Results of the nonlinear response analysis on the soil-
pile-building interaction system of a 35 storied reinforced
concrete building based on the two-dimensional finite
element model (Sugimura et al. 1997) is discussed.
Considering three simple variations in soil condition,
other structural details remaining the same, it is shown
that the influence of soil layering on the stresses
developed in piles during earthquake shaking can be very
dominant. Of particular interest is the clear dependence of
the building superstructure inertia itself on the nature of
the soil layering system interacting with the pile. That is,
for a given incident motion specified for a general region,
the superstructure inertia itself depends on the different
levels of excitation based on the extent of the nonlinear
response (Karkee et al. 1992) depending on the local site
condition. In addition, the ground deformation response
for the same input earthquake motion is very dependent
on the local site condition. Results of the response
analysis show the need for adequate consideration of the
inertia as well as the ground deformation response effects.

While the detailed finite element analysis is known to
adequately depict the response of the soil-pile-structure
system under earthquake excitation, computational effort
can be formidable for its application to everyday design
practice. Considering the current practice of utilizing a
single concentrated load at the top of the pile to represent

‘the inertial actions, there is a need to develop a simple

design method that can account for the ground response
effects realistically. Sugimura (1992) proposed the use of
distributed load to represent the effect of ground response
on piles. Presumably, the nature and the magnitude of the
distributed load should reflect the local soil condition and
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2 Professor, Department of Architecture & Building Science, Grad. School of Engineering, Tohoku University, Sendai, Japan
3 Sr. Managing Director, Suzuki Architectural Design Office, Yamagata, Japan
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its dynamic characteristics. A simple approach for the
consideration of these aspects in the estimation of the
distributed load is proposed for evaluation of the ground
deformation response effects to be considered in general
design practice. Preliminary simulations clearly illustrate
the potential of the approach to realisticaily represent the
ground response action on piles that may be expected
during earthquakes.

DAMAGE TO PILES IN PAST EARTHQUAKES

Reports on investigation of damage to foundations
during past earthquakes provide ample instances of
damage at the intermediate part of a pile. The location of
the damage in piles may provide some indication of the
dominance of either the inertia effects of the
superstructure or of the kinetic effects of ground
response. Generally the inertial forces may be considered
to result in the failure of piles near the top, while the
ground response effects may be expected to result in
damages at the deeper part, particularly where there is a
abrupt change in the soil stiffness.
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FIG. 1. Damage to piles during the Hyogoken-Nambu
earthquake: (a) Building (AlJ 1996) (b) Highway (HBC 1995)

A typical case of damage to a pile supporting a
building during the Hyogoken-Nambu earthquake (AlJ,
1996) is shown in relation to the ground profile in Fig.
1(a). The pile is seen to develop cracks near the top as
well as at the middle part around where the soil profile
changes into a stiffer layer. It seems plausible that the
change from a softer to a stiffer soil layer may have
contributed to the cracking at the middle part of the pile.
Similarly, Fig. 1(b) shows the damage to a pile in a

highway bridge (HBC, 1995). Again the pile has cracked
at the middle part where the soil stiffness decreases
suddenly as indicated by the N-value distribution. The
cracking of the piles at deeper part noted in Fig. 1 were
detected by core boring and borehole camera. Fig. 2
shows the damage to pile during the Miyagiken-oki
earthquake (Sugimura & Oh-oka, 1981) in a L-shaped
building where the outer comer joining the two wings had
undergone a large settlement. This is a case of a pile on
the inner side of one the wings. The pile foundation
damage was considered to be due to inertial forces of the
superstructure. However, the cracks seem to align with
changes in soil layering.

Clearly, the damage to piles at deeper part is more
problematic in the event of rehabilitation and recovery
after the earthquake. While there are successful cases of
repair of the damage to pile near the top (e.g. Karkee &
Kishida 1997), damages at deeper part of the pile are by
nature much more difficult to detect and repair. It is
imperative that the design approach for piles at
earthquake regions should particularly strive to make the
damage to piles at the deeper part less likely.
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FIG. 2. Damage to pile in a building structure during the

1978 Miyagiken-oki earthquake (Sugimura & Oh-oka 1980)

Extremely large actions on piles may manifest due to
failure of the ground (e.g. liquefaction) accompanied by
lateral spreading (e.g. Tokimatsu et al. 1996) and detailed
investigation of the local site for such possibility should
be included while considering ground response effects in
the seismic design of piles. Even when the complete
ground failure does not occur, the excessive nonlinear
response of the soft soil layer can result in large

" deformation response in the piles. Thus the deformation
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response of piles during strong shaking can include the
ground shaking effects as well as the ground failure
effects.

FFINITE ELEMENT ANALYSIS FOR NONLINEAR
SEISMIC RESPONSE OF THE SYSTEM

In Japan, 20 to 45 storied reinforced concrete
buildings have been common for apartment building
structures. The natural period of these buildings range
from 1.2s to 2.5s, falling into a range in the design spectra
where the spectral velocity ordinates tend to be uniform.
Generally these buildings are supported on cast-in-place
concrete piles with enlarged base. A 35 storied building is
considered a representative of these structures and is
analyzed in detail for its seismic response characteristics.
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FIG. 3. 2-D finite elements in combination with the lumped
mass model representing the soil-pile-building system.

The schematic finite element model for nonlinear
dynamic response analysis is given in Fig. 3. The
basement slab in Fig. 3 is assumed to have no direct
contact with the soil underneath. Three simple soil
profiles shown in Fig. 4 and designated as a-soil, b-soil
and c-soil overlying a sandy gravel layer, typically found
in urban areas in Japan at depths of 30m or more, is
considered. Three sets of response analysis are carried out
for the three soil conditions, other structural details
remaining the same. Details of the building structure and
the method of analysis, together with the assumed
nonlinear behavior of soil and concrete are as given by
Sugimura et al. (1997).

Base input motion for the analysis

Two input motions are considered to investigate the
effect of relative difference in the level of excitation. One

is the well known El Centro NS record and the other is the
Hyogoken-Nambu earthquake record of the Kobe marine
observatory (Kobe JMA NS). The El Centro motion is
scaled to a maximum velocity of 50cm/s while the Kobe
record is used as it is. The corresponding peak
accelerations are 510.8cm/s? and 818.0cm/s’ respectively.
The response spectra of the two input motions are given
in Fig. 5, where it is seen that the spectral velocity
ordinates for the Kobe record are significantly larger than
those for El Centro in the period range 0.3-3.0s.

The resuits of the response analysis

Some of the time histories of the response forces for
El Centro input are shown in Fig. 6. From the time history
of the building inertia, the predominant period of the
building can be noted to be about 2.9s. The corresponding
period of the building was about 3.3s for Kobe JMA NS.
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Compared to the elastic period of 2.1s, the period of
the building has elongated by a factor of 1.4 and 1.6

‘respectively, larger factor indicating stronger shaking in
case of the Kobe input. Fig. 6 also shows that the
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basement inertia is larger in stiffer soil (a-soil) compared
to soft soils (b and c-soils). The time histories for pile top
shear force contain long as well short period components,
unlike the building inertia, where the component
attributable to the predominant period of the building
dominates.
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FIG. 6. Time histories of some typical response forces

The maximum shear force in piles is largest in case of
the c-soil for both the input motions and occurs at the
interface of the two soil layers. The cracking of piles at
the layer interfaces observed during past earthquakes, as
noted in Fig. 1, may have been caused by this tendency of
large shear force around the soil stiffness contrast
interfaces.

Fig. 8 shows the maximum bending moment in piles.
Again a very strong influence of the soil layering is
apparent from the distinctly different shape of the
maximum bending moment distribution in case of the c-
soil. Larger moment at the soil layer interface is seen in
c-soil for both the El Centro and the Kobe input. Larger
bending moment at deeper part of the pile is particularly
problematic because it tends to act in combination with
the decreased axial load with depth generally observed in
piles. In addition to larger moment at the layer interface, it
is seen in Fig. 8 that the bending moment at the pile head
is also largest in case of the c-soil, for both the input
motions. That is, the pile head moment as well as the
moment in the intermediate part can be expected to give
the worst condition when soil stiffness contrast exists
over the pile length.

It may be noted that the maximum shear force, as well
as the maximum bending moment, tends to large in the
intermediate part of the pile when large soil stiffness
contrast exists over the pile length.
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Shear Force (MN) Shear Force (MN)
FIG. 7. Maximum shear force response of the building and
the piles for the El Centro & the Kobe input motions.

Fig. 7 shows the maximum shear force response of the
structure corresponding to the two incident motions. In
the current design practice for the tall buildings in Japan,
the piles are generally designed to have the ultimate shear
capacity. The ultimate shear capacity is defined as the
sum of 1.5 times the base shear capacity of the building
(64.0MN) and the seismic coefficient for the basement
times the weight of the basement (98.4MN). Assuming
the seismic coefficient for the basement to be 0.2, the
ultimate shear capacity works out to be 115.8MN. This is
designated as the design force in Fig. 7.

Bending Moment (MNm) Bending Moment (MNm)
FIG. 8. Maximum bending moment distribution in piles
under the action of the El Centro & the Kobe input motions

Another interesting result is that the bending moment
distribution in a-soil is nearly half of that in b-soil in case
of El Centro input, while the bending moment distribution
for a-soil and b-soil is practically same in case of the
Kobe input. This may be attributed to the much higher
level of shaking in case of the Kobe input, with the
increased nonlinear effect resulting in similar stiffness in
a-soil and b-soil at higher level of excitation (Karkee et al.
1993, 1992). This may be considered a possibility
because the soil stiffness degradation tends to saturate at
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strain level attributed to the higher level of
tation.

nponents of the building and the foundation
-systems in the response of the total system

Attempt is made to separate (Sugimura et al. 1997)
esponse of the total system into those of the building
the foundation sub-systems. This is done to evaluate
relative contribution of the two sub-systems to the
onse of the system as a whole. The contribution of the
ding superstructure and that of the soil and foundation
1e response of the total system depicted in Fig. 3 is
obtained. Figs. 9 and 10 show time histories of the
onse actions contributed by the building and the
idation sub-systems respectively.

it may be noted in Fig. 9 that the building inertia and
sile top shear force tend to be in opposite phase, while
. are dominated by the predominant period of the
ding as noted above. Figs. 9 and 10 show that the
ribution of the foundation system consists of
ively short period components when compared to

(MN)

Time(sec) 10.0

b-soil

9. Response forces due to building sub-system

that of the building system. However, the contribution of
both the building system and the foundation system to the
pile top shear force clearly depends on the soil condition.

Fig. 11 shows distribution of the maximum shear force
in a single pile. While the magnitude and the nature of
distribution of maximum shear force 1is strongly
dependent on the ground condition, the contribution of
the superstructure inertia to the shear force in piles is
distinctly smaller than that of the foundation system.

Thus the shear force obtained based solely on the
inertia without regard to the local site condition tend to
grossly underestimate the maximum shear forces that
may be expected during strong ground shaking. In fact,
the maximum shear force responses of the total system
and that of the foundation system are seen to be
practically coincident in all the three soil types in Fig. 11,
particularly at deeper part, indicating domination of the
foundation part. The result shows that the shear forces in
piles may even be represented by the response of the
foundation portion alone.
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FIG. 12. Maximum bending moment in a pile due to the total system and the building and foundation sub-systems

Similar to the case of maximum shear force, Fig. 12
shows distribution of maximum bending moment in a
pile. Again, the contribution of the foundation system to
the maximum bending moment distribution is distinctly
large and practically same as that of the total system. This
follows logically from Fig. 11, because integration of
shear force gives the bending moment. However,
maximum bending moment does not necessarily
correspond to the maximum shear force, and it is
important to note strong domination of foundation system
in the bending moment acting on the piles.

The results of nonlinear response analysis of the
soil-pile-building system depicted in Fig. 3 clearly
illustrate the inadequacy of the current practice of
considering the inertia of superstructure and basement
(BCJ, 1984) with implicit disregard of the soil condition
in the seismic design of piles. Considering that finite
element analysis discussed above is impractical for
everyday design, the need to develop a suitable method to
adequately account for the ground response effects is
evident.

SIMPLE DESIGN APPROACH CONSIDERING
GROUND RESPONSE

As mentioned above, seismic design practice in Japan
allows for inertial forces to be resisted by the pile.
However, the reports on damage to piles during past
earthquakes, as well as the results of finite element
response analysis, show strong domination of ground
response effects on the internal forces developed in piles.
A simple method based on the principle of beam on
elastic foundation, together with an approach to evaluate
the distributed load, is proposed for adequate
consideration of the ground response effects in the
seismic design of piles. Preliminary results indicate that
the proposed approach has the potential for evaluation of
the ground deformation response effects on piles.

3-6

Principle of beams on elastic foundations

Considering a Winkler soil model and assuming the
pile to be a massless beam on elastic foundation, the basic
equation relating the horizontal deflection y of the pile
may be given by Equation 1. Here, D is the diameter, E is
the Young’s modulus and 7 is the sectional area moment
of inertia of the pile. The constant k, is the coefficient of
horizontal subgrade reaction of the soil and x is the depth
in soil. The soil movement f{x) in Equation 1 represents
the free field ground response displacement during the
earthquake and equating it to zero gives the equation for
the static loading case.

4

%Yk p 0
dxt +k,D{y - f(x)} = ¢))

If k,Df(x) in Equation 1 is considered to be a force p(x)
at a depth x required to displace the soil there by f(x),
then we have:

4

d’y

EI——+k,Dy = p(x) @
Equation 2 can be solved for a given distribution of
load p(x) along the pile length. From a practical point of
view, solutions for three simple load distribution,
consisting of concentrated load, uniformly distributed
load and triangularly distributed load, can be
appropriately combined to depict a more general
distributed load approximately. These solutions are in fact
already available from Hetényi (1946). This framework
for the solution of a beam on elastic foundation is utilized
in the proposed simple analysis method to indirectly

account for the kinematic effects of ground response.

The current design method (MKS units)
Based on the Japanese design guide (Sugimura,

-1988), the design external force Q, for earthquake loading
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is given in terms of the base shear O and the number of

piles n as:
0 VH,
=(l-a)=; =1-02—F7—=
0, =( a)n, a 0 JH, 3)

Here, a is the participation factor of embedment given
in terms of the height above ground Hy and the depth of
embedment H, both in meters. Based on the engineering
judgment derived from parametric analysis, it is
recommended that the value of o should not be greater
than 0.7. The design guide suggests that the internal
forces and displacement can be computed based on the
theory of beam on elastic foundation. For a given degree
of fixity o, at the pile head and a horizontal concentrated

load @, acting at the top, horizontal displacement at pile.

head y, is obtained from Equation 4. When not
determined from horizontal loading test, it is suggested
that k, in kg/cm’ be estimated from the Equation 6, where
E, is the elastic modulus of soil in kg/cm? and D is in cm.

_o 2 4
y0_4EIﬁ3( _ar) ()
_Jk,,D
p= 4ET )
k, =08E,D* (6)

As can be noted, the design method considers only the
inertia effect of the superstructure and needs to be
recognized as such. While the method may be adequate to
account for the inertia effects, it does not attempt to
addresses the kinematic effects due to interaction between
the pile and the surrounding soil that may undergo
significant nonlinear response during strong ground
shaking. From detailed analysis, it is noted above that the
ground response effects can be very significant.

The proposed method for the evaluation of
ground response effects

As is noted above in Equation 2, if the magnitude and
the nature of the distributed load p(x) could be determined
taking into consideration the local site condition and soil
nonlinearity, it may be possible to solve the problem of
the beam on elastic foundation to estimate the forces
acting on piles due to the kinematic effects of ground
response. For this the displacement response f{x) of the
free field under the action of the earthquake needs to be
estimated. Considering the first mode of the free field
motion, the elastic fundamental period of a soil layer of
thickness H and shear wave velocity Vs may be
approximated by 4H/V;, such that the maximum

=th

displacement U, occurring at the top of the i soil layer

3-7

may be given in terms of the peak velocity of the input
motion V.. by Equation 7.

U =V 21 7
& max x 7[Vs ¢ i ( )

The parameter ¢ in Equation 7 is the ‘ground period
elongation factor’ representing the extent of elongation in
the ground period due to the nonlinear effect (Karkee et
al. 1992, 1993) during strong ground shaking, such that ¢
1. If all the soil layers at a site are assumed to contribute
equally to the ground period elongation, a constant ¢ may
be assumed for all the soil layers. The introduction of the
parameter ¢ constitutes an attempt to account for the
effect of nonlinear soil response in a simple manner. From
the dynamic analysis with the El Centro input (Sugimura
et al. 1997) the, predominant ground period T, was seen
to be about twice the elastic fundamental ground period
T,- This corresponds to a value of ¢ equal to about 2.0. In
comparison, the Japanese guideline (BCJ, 1992)
recommends a value of 2.2 for strong shaking at bay areas
with deep soil deposit. It seems reasonable to assume the
overall ground period elongation factor ¢ at a deep soil
site to be in the range of 2.0 to 3.0.

For a given value of the ground period elongation
factor ¢ at a site, consideration of a variable value ¢, for
different soil layers may be considered appropriate
depending on the site condition. One of the way this could
be done is to assume the value of ¢ for the i* soil layer of
thickness H and shear wave velocity V; to be in
proportion to the value of H/V; such that overall ground
period elongation factor ¢ remains the same. Thus, if the
value of H/V; for the i" layer is defined as 7, then the
period elongation factor ¢; for the layer may be given by
67, where 6 is given by Equation 8.

T,

0=¢x< & ¢ =61, Where ¢.=1 (8)

2

With the displacement U, relative to the bottom of the
i* layer obtained from Equations 7, the ground
displacement f(z) relative to the bottom of the soil layer,
where z varies from 0 at the top to H at the bottom of each
layer, may be given by the cosine function of Equation 9.
Once the displacements relative to the bottom of each
layer is computed, the overall displacement f{x) relative to
the pile toe can be easily obtained, such that p(x) is given
by Equation 10.

f(z)=Ugcos(-2%)z; OszsH ®
p(x)=kDf(x); OsxsL (10)

_ One of the crucial aspect in the'proposed method is the
proper evaluation of the coefficient of subgrade reaction
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k, in Equation 10, because its value affects the magnitude
of the distributed load p(x) to a large extent once f(x) is
determined. In this respect, it may be noted that the
elongation of the ground period by ¢ times noted in
Equation 7 corresponds to a soil stiffness degradation by
1: 7. This can be adequately accounted for in estimating
the value of k, which may be computed from the
Equation 11 derived by Vesic (Poulos and Davis 1980)
considering an infinite beam on elastic foundation. It may
be noted that the expression for k, by Vesic accounts for
the modulus of the soil as well as that of the pile material.
Evidently, the soil modulus utilized to estimate k, should
consider the extent of nonlinear response that may be
expected during strong ground shaking.

1
. D* )12
k,,=065 Esz x| Es ; £ _, (11)
D |1-v EI Eg
In Equation 11, ET is the bending stiffness of the pile
as defined earlier, v is the Poisson’s ratio of soil and A is
the “stiffness degradation factor’ indicating the extent to
which the soil stiffness reduces during strong shaking
resulting in the ground period elongation by ¢; as
mentioned above. If there is a single soil layer over the
pile embedment depth, the value of A for it may be taken
as equal to ¢, otherwise the stiffness degradation factor A;
for the i* layer is equal to ¢, where ¢; is obtained from
Equation 8.

It may be noted that although the effect of soil
stiffness degradation due to nonlinear response would be
clearly crucial in the evaluation of the kinematic stresses
in the piles due dynamic soil-pile interaction, it is also
likely to be important in evaluating the inertia effects.
However, the simple design method proposed here is
primarily concerned with the aspects of soil response
effects, and no attempt is made here to investigate the
effect of soil nonlinearity on the evaluation of the inertial
forces in piles.

Computation based on the proposed method

Attempt is made to compute bending moment and
shear force distribution in piles for the case of c-soil by
assuming the value of ¢ to be 2.0 corresponding to the El
Centro input case mentioned above. As noted in Figs. 11
and 12, the ground response forces are most significant in
c-soil, which consists of a clayey soil layer underlain by a
stiffer sandy soil layer as shown in Fig. 4.

Fig. 13 shows the shear wave velocity profile together
with the soil displacement estimated by Equation 9. Fig.
13 shows the soil displacement distribution for the
constant ¢ case as well as for the variable ¢ based on
Equation 8. The ground displacement depicts the shear
wave velocity profile logically, giving much larger
displacement of softer layer compared to the stiffer layer,

with even better contrast in case of variable ¢. The ground
displacement near the pile top is about 100mm.

The coefficient of subgrade reaction k, for the ground
response effect is obtained from Equation 11 by assuming
the Poisson’s ratio v of the soil to be 0.45. Resulting
distribution of k, for constant ¢ is shown in Fig. 14(a).
Assumption of a variable ¢ based on Equation 8 results in
a k, distribution of Fig. 14(b). The distributed load p(x)
obtained from Equation 10 corresponding to the two cases
of constant and variable ¢ are shown in Fig. 14(c). The
cosine distribution of the load is approximated by
uniformly varying loads at discrete intervals in Fig. 14(c).
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FIG. 13. Shear wave velocity profile for c-soil and the
ground displacement for constant & variable values of ¢
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FIG. 14. Distribution of subgrade reaction for constant and
variable ¢ and the corresponding distributed loads on piles
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The distributed lateral load on the pile shown in Fig.
14(c) may not act all at once throughout the duration of
ground shaking, specially in case of multiple soil layers.
This may be understood from different possible modes of
ground movement. This was previously confirmed
(Sugimura et al. 1997) by the elastic eigenvalue analysis
of the three systems corresponding to the three soil
conditions of Fig. 4. It was found that the second mode of
c-soil showed the worst of the three soil type cases,
indicated by large bending moment and shear force
around the two soil layers. To indirectly account for such
effects in the simple design method proposed here, it
would be logical to consider different combinations of
distributed load over different sections of the pile length.

Fig. 15 shows three possible distributed load
combinations assuming a constant value of ¢, and in
consideration to the two distinct soil layers. The shear
force and bending moment diagrams for the three
distributed load cases of Fig. 15 and the k; distribution of
Fig. 14(a) are given in Fig. 16.

A

5| E / : /
| [ 208N/ L. 20WN/a
] — ——?
(a)Full (b)Upper (c)lLower

FIG. 15. Three possibie distributed load cases in the c-soil
consisting of two distinct soll layers over the pile length

The shear force and bending moment diagrams for the
three distributed load cases representing the ground
response effects is obtained by assuming the pile top to be
restrained against rotation with the pile tip free. It is seen
in Fig. 16 that there is a large shear force near the
interface of the two soil layers similar to that seen in Fig.
11, and that the bending moment too is large around there.

It may not be logical to make a point to point
quantitative comparison of the shear force and the
bending moment diagrams in Fig. 16 with those for c-soil
in Figs. 11 and 12, which are actually the envelop of
maximum forces rather than the actual distribution. In
addition, Figs. 11 and 12 also include the inertia of the

basement. When this fact is recognized, the maximum
shear force of about 2.5MN and the maximum bending
moment of about 5.5MNm around the middle part of the
pile in Fig. 16 are qualitatively comparable to those of
2.5MN and 8.0MN-m in Figs. 11 and 12 respectively.
This indicates that the simple solution proposed here is
capable of accounting for the ground response effects in
piles that may be expected during ground shaking.

The bending moment near pile top in Fig. 16 is of the
order of about 20.0MNm compared to about 13.0MNm
for c-soil in Fig. 12. In contrast, the maximum bending
moment of 5.5MNm at the middle part in Fig. 16 is
smaller than that of about 8.0MNm in Fig. 12. This
difference is most likely because of the assumption of full
restraint of pile top against rotation, which is unlikely to
be the case due to nonlinear response of the concrete piles
during strong earthquake shaking. In fact, the yield
moment of the pile is about 14.0MNm as indicated in Fig.
8. Beyond yield level the pile top would tend to rotate,
resulting in only a partial restraint against rotation. When
this condition is accounted for in the analysis by assuming
a certain degree of restraint against rotation rather than
the full restraint, the maximum bending moment obtained
from the detailed nonlinear analysis can be closely
approximated by the proposed simple method. For
example, assuming the degree of restraint to be 0.7 in Fig.
15 would logically amounts to limiting the moment at pile
top to the yield level. Under this condition, the bending
moment at the middle part of the pile in Fig. 16 would be
closer to about 8.0MNm obtained from the detailed
nonlinear response analysis.

Shear Force (MN) Bending Moment (MN- m)
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FIG. 16. Shear force and bending moment diagrams in a
pile considering the three distributed load cases in Fig. 15

" Investigations based on large number of simulations
would be required for further refinement of the proposed
method for actual application. However, the values of the
coefficient of subgrade reaction k, and the ground
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displacement near pile top, applicable for realistic
estimation of the ground response effects based on the
proposed simple method, tend to be significantly different
from those recommended in the current design practice.
Evident the values of k, recommended in Japanese code
for the seismic design based on the inertial forces can not
be adopted for the evaluation of ground response forces
the simple method proposed here. From this standpoint, it
seems logical to evaluate the inertial forces and the
ground response forces separately, assuming different
values of subgrade reaction k, as applicable, and then
design the pile for the envelop distribution of the largest
of the two response forces along the pile length.

CONCLUSIONS

Reports on the investigation of the damage to
foundations during past earthquakes show ample
instances of the failure of piles that can be directly or
indirectly attributed to the deformation response of the
ground. Nonlinear response analysis based on the
combination of a finite element and lumped mass model
indicates large response forces at the soil layer interfaces.
The result demonstrates the importance of ground
response effects in the seismic design of piles, while also
illustrating the inadequacy of the present design practice
that directly accounts for the superstructure inertia effects
alone.

When the response of the total soil-pile-building
system is decomposed into those of the building system
and the foundation system, the contribution of the
foundation part is by far dominant, and comparable to that
of the total system. In addition, the contribution of the
building system itself is strongly dependent on the soil
condition. The results clearly demonstrate the influence
of the local site condition on the inertial actions as well as
on the ground deformation response effects on piles.

While demonstrating the importance of considering
the ground deformation response in the design of piles,
the finite element response analysis also illustrates the
different levels of earthquake excitation to which the
building superstructure might be subjected depending on
the soil condition of the site.

The proposed simple approach, based on the beam on
elastic foundation framework, is seen to be promising in
capturing the essence of the ground response effects on
piles. The results indicate that it may be possible to
evaluate the nonlinear response of a soil-pile-building
system by such simple method provided the necessary
parameters are selected to reflect the dynamic
characteristics of the ground adequately. The essential
parameters in the proposed method include peak velocity,
ground period elongation factor, soil stiffness degradation
factor and degree of restraint at the pile head. In addition,
the dynamic characteristic of ground such as the elastic

3-10

shear wave velocity, Poisson’s ratio, thickness of soil
layers etc are utilized.

To indirectly account for the different modes of
ground movement in the proposed simple method, it is
logical to consider different combinations of distributed
load depending on the number of distinct soil layers over
the pile length. Worst combination of the distributed load
over different sections of the pile may be considered in
evaluating the ground response effects.

The ground period elongation factor for a given site
depends on the local site condition as well as the level of
earthquake excitation. For extreme level of excitation at
sites with deep soil deposit, where the ground
deformation response effect is likely to dominate, may be
assumed to be in the range 2.0 to 3.0. The soil stiffness
degradation may be obtained from the ground period
elongation factor.

The coefficient of subgrade reaction obtained based on
the proposed method seems to work out to be much
smaller than that recommended in the Japanese code for
seismic design of piles, which directly accounts for the
inertial forces alone. Further investigation is necessary for
confirmation, but considering that the effects of the
ground deformation response is directly related to the
extent of nonlinear response of the ground, it may be
logical to consider smaller value of subgrade reaction in
evaluating the ground deformation response effects. This
means evaluation of the inertia and the ground
deformation response effects on pile by considering
different values of subgrade reaction as appropriate. It
may even be possible for the coefficient of subgrade
reaction to assign a value of zero to depict a liquefied
layer that is not expected to provide any horizontal
support to the piles.

The degree of restraint of the pile head against rotation
may be a major consideration in the evaluation of the
bending moment distribution in piles due to ground
deformation response effects. If the moment at the pile
head exceeds the yield level, partial restraint at the pile
top may be logically assumed to limit the moment there to
the yield level. Conversely, if the moment at a section
exceeds the yield moment capacity, the moment may be
redistributed to limit the moment to yield level. are
relevant aspects for research and investigation.
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APPENDIX Il. DISTRIBUTED LOAD METHOD

Based on the formulations on the beams on elastic
foundations by Hetényi (1946), Sugimura (1992) has
proposed the use of distributed load method for the
analysis of the horizontal resistance of piles. The
solutions for a pile of semi-infinite length with the top end
fixed are given in the tabular form. Tables II-1, II-2 and
II-3 correspond to the solutions for concentrated,
uniformly distributed and triangularly distributed load
cases. The solutions for the three loading cases can be
readily combined to cover any general loading pattern
assuming the superposition principle.

The three tables can be utilized for the computation of
displacement y, rotation 6, bending moment M and shear
force O, at any point along the length of the pile, by
multiplying the coefficient value y by the multiplier p.
The explanations for the values of the multiplier given in
Table II-1 are applicable to all the three Tables.

It may be noted that the relations given in Tables 1I-1,
I-2 and II-3 are applicable for a pile of semi-infinite
length with the top end fixed. Similar simple formulations
can be developed for a pile of finite length and for
different boundary conditions generally encountered in
practice.
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Table II-1: Concentrated load

Concentrated Load

0 >y
xf
X,
*—
a
Y {)_..» AV
v
x

k, : Coefficient of
subgrade reaction

C({(Ia:tliuc‘i;nt Multiplier p .
Explanations
X x, <x, | x.=2x,
k,D
Y = 8Ef,63 B,, B, £ =3 4,1'51
a=lx, -x,]|
p b= |x€ - xbl
e = AEIF B,, B,, B,, = ¢ " cos(Ba)
B,, = e * cos(Bb)
p B,, = e ¥ sin(Ba)
M.=25 B,, B, B,, = e sin(Bb)
B, =e ™ {cos(ﬁa) + sin(ﬁa)}
P B,, = ¢ ® {cos(Bb) +sin(pb)}
0. =5 B, B, B, =e* {cos(ﬁa) - sin(ﬁa)}
B, =e?” {cos(ﬁb) - Sin(ﬁb)}

Table II-2 : Uniformly distributed load

Uniform Load

0 >
Yy
X,
X, —
a
Tl o W
b
P
+Y

Coefficient Multiplier p
Values
X X, <x, X, sx,sX; X, >X,
y =L Bla _Blb 2_B]a _Blb Blb"Bla
¢ 8EIpB*
o P B, -B, B, -B, B, -B,
€ 8EI,6’3
v P B, -B, B, +B, B, -B,
c 4ﬂ2
0. =% B, -8B, B, -B, B, -8B,
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Table I1-3 : Triangularly distributed load

Triangular Load

0 y

»

Coefficient Multiplier p
Values
X X, <X, xasxcsxb xc>xb
Ye = TEPIOES_I—; B4b —B4n + ZﬂhBla B4b _B4a -2/3th +4pb Bdb - Bda - 2/3th
b, = SE?,;‘h By, - B,, + PhB;, B,, + By, + fhB;, -2 B,, = By, + fhB,,
M, = SZgh By, - By, -2phB,, B,, — By, +2hB,, By, — By +2phB,,
Q. = p‘; By, - By + phB,, | — B,, - By, + BhB,, By, - B,, + phB,,
48°h
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RESPONSE TO HORIZONTAL GROUND SHAKING OF
CANTILEVER RETAINING WALLS

A. S. Veletsos! and A. H. Younan?

L Department of Civil Engineering, Rice University, Houston, Texas, USA
2 EQE International, Inc., Houston, Texas, USA

ABSTRACT

A broad overview is presented of the response to horizontal ground shaking of vertical, flexible
cantilever walls retaining a uniform, linear viscoelastic stratum of constant thickness and semi-
infinite extent in the horizontal direction. The response quantities examined include the
magnitude and distribution of the dynamic wall pressures and displacements, and the maximum
values of the total dynamic wall force or base shear and of the overturning base moment. Special
attention is given to the effects of very long-period, effectively static excitations. The effects of an
earthquake ground motion are then expressed as the products of the corresponding static effects
and appropriate amplification or deamplification factors. It is shown that the flexibility of the wall
may affect significantly the results, and that the maximum dynamic effects for flexible walls may
be significantly smaller than those for non-deformable, rigid walls.

INTRODUCTION

Despite the multitude of studies that have been carried out over the years, the dynamic response of
retaining walls is far from being well understood. There is, in particular, a lack of fundamental
information on the effects of some of the major parameters that influence the dynamic response of
such systems.

Previous studies of the problem may be classified into two groups: (1) elastic analyses in which
the backfill is presumed to respond as a linearly elastic or viscoelastic material; and (2) limit-state
analyses, such as the venerable Mononobe-Okabe approach (Mononobe and Matuo 1929, Okabe
1924), in which the wall is considered to displace sufficiently at the base to mobilize the full
shearing capacity of the backfill. Detailed summaries of these contributions have been presented
by Nazarian and Hadjian (1979), Prakash (1981), Whitman (1991), and Veletsos and Younan
(1995).

The most comprehensive previous study of the elastic response of the system is the one presented
by Wood (1973), in which the wall was considered to be rigid. In the present study, the
assumption of linear response for the retained material is preserved, but the wall is considered to
be flexible. The objective is to assess the effects of this flexibility on the magnitude and
distribution of the wall pressures and displacements, and on the maximum values of the total wall
force or base shear and of the overturning moment induced by horizontal ground shaking. The
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material presented is essentially a summary of some of the more important information reported
in a series of recent contributions by the authors (1994, 1995, 1997).

SYSTEM CONSIDERED

Shown in Figure 1, the system examined consists of a fixed-based, vertical cantilever wall
retaining a semi-infinite stratum of uniform viscoelastic material. The wall is considered to be of
uniform thickness and finite rigidity, and the retained material is considered to be free at its upper
surface and bonded to a non-deformable, rigid base. The bases of the wall and stratum are
presumed to experience a space-invariant horizontal motion, the acceleration of which at any time

t is x,(¢) and its maximum value is X'g. Material damping for both the medium and the wall is
considered to be of the constant hysteretic type.

The properties of the soil stratum are defined by its mass density p, shear modulus of elasticity
G, Poisson’s ratio v, and material damping factor &, which is considered to be the same for both
shearing and axial deformations. The factor & is the same as the tand factor used in some
previous studies of foundation dynamics and soil-structure interaction and twice as large as the
damping factor B expressed in terms of the critical coefficient of damping. The properties of the
wall are defined by its thickness f,,, mass per unit of surface area |, Young’s modulus of
elasticity E,, Poisson’s ratio v ,, and damping factor §,, which, like 8, is twice as large as the
corresponding factor expressed in terms of the critical damping value.

ift)
Figure 1: System considered

METHOD OF ANALYSIS

The method of analysis used has been described in Veletsos and Younan (1997) and Younan,
Veletsos and Bandyopadhyay (1997), and it is summarized only briefly here.

Fundamental to the method is the assumption that, under the horizontal excitation considered, no
vertical normal stresses develop anywhere in the medium, i.e. ¢, = 0. It is further assumed that
the horizontal variations of the vertical displacements for the medium are negligible, so that the
horizontal shearing stresses T, can be expressed as T, = G*(du/dy), where u is the horizontal
displacement of an arbitrary point of the medium relative to the moving base, G* = G(1 + id) is
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the complex-valued shear modulus, and i = J=1 . The reliability of these assumptions has been
confirmed by Veletsos and Younan (1994) by comparing the solutions for rigid walls with those
obtained by Wood’s ‘exact’ solution (1973).

The steps involved in the analysis are as follows:

* First, the harizontal displacements of the medium relative to the moving base are expressed as
linear combinations of the natural modes of vibration of the stratum when it is considered to act
as an unconstrained, vertical cantilever shear-beam. Similarly, the relative displacements of the
wall are expressed as linear combinations of its natural modes, i.e. those of a clamped-free
beam. These expressions satisfy the conditions of zero displacement at the rigid base, and of
zero stresses and forces at the top boundary.

- * Next, the differential equation governing the motion of the medium in the horizontal direction is

solved subject to the condition of compatible displacements at the interface of the medium and
wall. For the purpose of satisfying this boundary condition, each natural mode of vibration of
the beam is expanded in terms of the corresponding modes of the retained medium. The result
of this step are medium displacements and wall pressures that are functions of the as yet unde-
termined wall displacements.

* Finally, the wall displacements are evaluated by satisfying the dynamic equilibrium of the
forces acting on the beam using Lagrange’s equations of motion.

The analysis is first implemented for harmonic excitations. The responses to arbitrary transient
ground motions are then evaluated by Fourier transform techniques.

PRESENTATION OF RESULTS

Consideration is first given to the responses obtained for excitations the dominant frequencies of
which are small compared to the fundamental natural frequency of the soil-wall system. This is
tantamount to neglecting the dynamic amplification effects of the retained medium. Such
excitations and the resulting effects will be referred to as ‘static’, a term that should not be
confused with that normally used to represent the effects of gravity forces. A maximum dynamic
effect for an arbitrary excitation is then expressed as the product of the corresponding static effect
and an appropriate amplification or deamplification factor.

Static Effects

In Figure 2, the total force or base shear per unit of wall length induced by the maximum static
values of the lateral inertia forces, Py, is plotted as a function of the dimensionless measure of
the wall flexibility

d =21 1)
in which D, represents the flexural rigidity per unit of wall length and is given by
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The results are normalized with respect to pX,H?. Also shown is the distance & from the base to
the line of action of the resultant of the wall force, normalized with respect to the wall height H.
Referred to as the effective height, 4 represents the distance by which Pg; must be multiplied to
yield the static value of the overturning moment per unit of wall length. The wall in these
solutions, and all others that follow, is considered to be massless, and Poisson’s ratio for the
retained medium is takenas v=1/3.

It is observed that the flexibility of the wall affects significantly both the magnitude of the wall
force and the line of action of its resultant. Increasing the wall flexibility reduces the horizontal
extensional stiffness of the retained material relative to its shearing stiffness, and this reduction, in
turn, increases the proportion of the inertia forces transmitted by horizontal shearing action to the
base, and decreases the proportion transmitted to the wall. Since the effective height also
decreases with increasing wall flexibility, the reduction for the overturning base moment is
generally much greater than for the corresponding shear. The reductions are substantial even for
rather small values of d,,. For example, Ps; is reduced from 0.941pX H? for a rigid wall to
0.561pX H? for a system with d,, = 10. The corresponding reduction in effective height is from
0.6H to 0.375H, and that for base moment is from 0.565p X H3 to 0.210p X H?>.
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Figure 2: Normalized values of base shear and effective heights in wall of
statically excited systems with different wall flexibilities; v=1/3,
K, =0




The effects of wall flexibility on the magnitude and distribution of the wall pressures, p, (1), is
shown in Figure 3 in which 1= y/H . For rigid walls (d = 0), the pressures increase almost as
a quarter-sine from zero at the base to a maximum at the top, whereas for the flexible walls, there
is a sharp change in the intensity of the pressure near the top, with the pressure decreasing and
changing signs.

hﬂ
\ 1 dw —_— O
0.8 5
n 30
0.6 -
0.4+
0.2
-I1 T | 1l 1
Py (M)
pX . H
Figure 3:  Distributions of wall pressures for statically excited systems; v=1/3,

m, =0

The maximum value of the wall displacement, which naturally occurs at the top, may be
expressed either in terms of the wall properties as

3
_ PH :
(ws:)max = iy D ( )

w

or, more conveniently, in terms of the properties of the retained medium as

) 2
X H X H
(Wardmas = €2 = 0375 @

Vs

where v, = JG/p = the shear-wave velocity for the medium, and ¢, and c, are dimensionless
factors that are functions of the wall flexibility factor d,, and are interrelated by
P,d
cy = ¢ '" W2 (5)
pX H
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The dependence of these two coefficients on d,, is shown in Figure 4.

0.5+
i
[72]
2 E
o
-~
Q
& -
2]
(73]
2
S 0.15
= _
= -
D e
E 0.054
—U e
e
i) i
=
2
= y
=
oy
0.01 T T T T T 1
0 10 20 30

Figure4: Coefficients ¢, and c, in expressions of maximum displacements relative
to base for statically excited systems with different wall flexibilities;
v=1/3,p,=0

The deflection configurations of the wall of systems with different values of the relative flexibility
factor d,, are shown in Figure 5. The results are normalized to a unit value at the top. It is
observed that, within the range of d,, values examined, the results are quite similar. As d,,— 0,
the configuration naturally tends to that obtained for the pressures exerted on a non-deflecting,
rigid wall.

As a measure of values of maximum wall displacements that may be encountered in practice,
consider a concrete wall of height H =4.6 m (15 ft) and thickness ¢, = 0.46 m (1.5 ft) retaining
a medium with shear-wave velocity v, = 122 m/sec (400 ft/sec) and unit weight y=pg=1.6 /
m3 (100 pcf), where g is the gravitational acceleration. With E = 20684 MPa (3000 ksi) and
v,,=0.17, the displacement factor ¢, in Equation (4) becomes 0.427; and for a peak ground
acceleration X, =0.3g, the static value of the maximum wall displacement becomes 0.039
percent of the wall height. Even with a dynamic amplification factor of 2.0, which, based on
information presented in the following sections, represents a reasonable maximum for intense
earthquake ground motions, the resulting maximum dynamic displacement is below the 0.1 to 0.4
percent range widely accepted as representing the displacement values required to induce a limit
state in the backfill material (Clough and Duncan, 1990). This information is offered as a
confirmation of the applicability of the elastic solutions for the systems examined here.

Dynamic Effects

As already noted, the maximum dynamic effects for an arbitrary transient excitation may
conveniently be expressed as the product of the corresponding static effects and appropriate
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Figure 5: Distributions of wall displacements relative to base for statically
' excited systems with different wall flexibilities; v=1/3, 1, =0

amplification or deamplification factors, AF. Figure 6(a) shows the values of this factor for the
total force or base shear per unit of wall length for systems subjected to the first 6.3 sec of the N-
S component of the ground motion recorded during the 1940 El Centro, California earthquake.
The peak acceleration of this motion is X ¢ = 0.312 g. Four values of the wall flexibility factor d,,
are considered, with the results plotted as a function of T,, the fundamental natural period of the
stratum when it is considered to respond as an unconstrained, cantilever shear-beam. This period
is given by T, = 4H/v . The wall in these solutions is presumed to be massless, the material
damping factors for the wall and retained medium are taken as §,,= 0.04 and & = 0.10 (i.e., 2
percent and 5 percent of critical damping, respectively), and Poisson’s ratio for the medium is
takenas v = 1/3.

The plots in Figure 6(a) are similar to, but by no means the same as, the non-dimensionalized
response spectra for similarly excited, viscously damped single-degree-of-freedom systems.
Specifically, for low-natural-period, stiff media, the AF = 1, indicating that the peak value of the
dynamic base shear is equal to its corresponding static value. With increasing medium flexibility
or T, the amplification factors increase, and after attaining nearly horizontal plateaus, they reach
values that may be substantially lower than unity. Within the practically important period range of
T, = 0.1 to 0.5 sec, for which the amplification factors are nearly constant, these factors are
relatively small, particularly for the stiffer walls with the lower values of d,,. The average
amplification factor within this range varies from 1.33 for a rigid wall to 1.68 for a wall with d,, =
5 and 1.82 for a wall with d,, = 15. These relatively low values are due to the capacity of the
medium to dissipate energy by radiation of waves to the far field. The greater the wall stiffness
relative to that of the retained medium, or the smaller the d,,, the greater is the capacity of the
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Figure 6: (a) Amplification factors for maximum wall force or base shear per unit of wall
length for systems with different wall flexibilities subjected to El Centro
earthquake record, and (b) Normalized values of this force; 1, =0, Sw =0.04,
v=1/3 and §=0.1

wall to reflect the waves impinging on it and to dissipate them by radiation to the far field.

Further insight into the magnitude of the maximum dynamic force or base shear per unit of wall
length, P, ., may be gained from Figure 6(b), in which this quantity is replotted normalized with
respect to the common factor pX,H". As before, four values of d,, are considered, with the
results plotted as a function of the natural period of the retained medium, T;. It is observed that
increasing d,, reduces the dynamic wall force over the full range of T;, the reductions being
largest for the low and medium values of T;.

Figure 7 shows the normalized values of the effective height k for the seismically excited systems
examined. It is observed that this height, which represents the distance by which the maximum
dynamic wall force or base shear must be multiplied to yield the corresponding base moment, is
insensitive to variations in T;. Accordingly, it may, for all practical purposes, be considered to
have the values displayed in Figure 2 for statically excited systems. It further follows that the
dynamic amplification factor for base moment may be taken equal to that for the wall force or
base shear. These simple relations are consequences of the fact that the response of the system is
basically dominated by its fundamental mode of vibration.

Effect of Wall Mass

For the systems examined so far, the wall was presumed to be massless. The effect of the wall
mass is twofold: (1) it modifies (generally decreases) the wall pressures induced by the retained
medium; and (2) it induces additional forces on the wall. The net effect is generally an increase in
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the magnitude of the wall forces.

A precise evaluation of these effects is beyond the scope of this contribution. However, a
reasonable approximation to the additional base shear may be obtained from the expression
m, X (AF), where m, = the effective wall mass, X, = is the maximum ground acceleration, and
AF = the appropriate amplification factor for the massless wall. The effective mass m, may be
considered to decrease from the total wall mass for a non-deforming, rigid wall to 70 percent of
the total mass for a wall with d,,= 10, and to 60 percent of the total mass for a wall with 4, = 30.
In the computation of the corresponding base moment, the effective height # may be taken equal

to that determined for the massless wall.
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Figure 7: Normalized values of effective height for systems with different wall
flexibilities subjected to El Centro earthquake record; p,, =0, 6, = 0.04,
v=1/3 and 6=0.1 '

CONCLUSIONS

The magnitudes and distributions of the wall displacements, wall pressures and associated forces
induced by horizontal ground shaking in the systems examined are quite sensitive to the flexibility
of the wall. Increasing this flexibility reduces the horizontal extensional stiffness of the retained
medium relative to its shearing stiffness, and this reduction, in turn, decreases the proportion of
the soil inertia forces that gets transferred to the wall and, hence, the forces developed in it.

For realistic wall flexibilities , the total wall force or’base shear may be of the order of one-half or
less of that obtained for non-deformable, rigid walls, the reduction in base moment being even
larger. The reduced effects may well be in reasonable agreement with those obtained by the
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Mononobe-Okabe method. This agreement, however, does by no means constitute a validation of
the latter method, which represents an approximate, limit-state analysis for the problem.

Even for the 1940 El Centro, California earthquake ground motion record, the maximum wall
displacement relative to the moving base for realistic wall flexibilities is found to be less than the
values of 0.1 to 0.4 percent of the wall height normally accepted as the minimum required to
develop a limit state in the retained material.
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Dynamic Behavior of Pile Foundations in Liquefaction Process

- Shaking Table and Oscillator Tests Utilizing Big Shear Box -

- by

Hatsukazu MIZUNO", Michio SUGIMOTO?, Masanori IIBA', Toshihiro MORP and Tsutomu HIRADE!

ABSTRACT : The paper presents shaking table tests and oscillator tests utilizing big shear box
to clarify pile foundation behavior in liquefaction process. It is, in principle, impossible for
liquefaction process to satisfy similitude ratios in reduced models of prototype water-saturated
sands in centrifugally accelerated field. Therefore, we carried out shaking table tests in near-to
fullscale models of water-saturated sands and piles to break through the above-mentioned bottle
neck. The effect of ground water table depth on liquefaction and pile behavior is examined. And
the effect of an excess pore water pressure dissipation method, that is adopted as a countermeasure
against liquefaction, is also evaluated. In a case of low ground water table, the liquefaction is not so
severe and bending moments of piles is reduced extremely.

INTRODUCTION

The research was conducted under a series of a activity
related to a project of the Construction Technology,
Research and Development(Ministry of Construction)
entitled “Development of technology for earthquake
disaster prevention in large metropolitan areas” in
collaboration  with and engineers of
universities and private companies. Purposes of the
subcommittee in the project are to clarify seismic actions to
building foundations or substructures under nonlinear
ground vibration and during liquefaction, and to develop
the seismic design method of the building foundations or
substructures through incorporating dynamic soil-structure
interaction based on real f)henomena. On the way, in 1995,
the Hyogoken-nanbu earthquake occurred and many
reports about pile damages were shown.

Contents of the subcommittee are a proposal of design
model of buildings incorporating dynamic soil-structure
interaction and shaking table tests of pile foundations
utilizing a big shear box. The contents of the former are as
follows;

1)a proposal of evaluation method on internal stresses of
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pile foundations based on an expanded sway and rocking
model in the linear region of soil properties.

2)a proposal of evaluation method on internal stresses of
pile foundations based on the Penzien model (lumped mass
model) in the linear and nonlinear region of soil
properties(including detailed discussion of evaluation of
several constants in the model).

3)the comparison of the results between by the expanded
SR model and by the Penzien method.

4)Verification through the comparison with the results of
more rigorous analyses and shaking table tests on soil
grounds.

The paper presents the results and discussions on the
shaking table tests of the pile foundations utilizing the big
shear box of about 6m, 11.6m and 3.1m in height, length
and ‘width, respectively. It is, in principle, impossible for
liquefaction process to satisfy similitude ratios in reduced
models of prototype water-saturated sands in centrifugally
accelerated field. A main reasons for using the big shear
box is to carry out the experiment in near-to fullscale
models of water-saturated sands and piles.(Ref. 1) The
shaking table which was used in the experiment is large
shaking table(maximum weight is 500 tonf) of Disaster
Prevention Research Institute of Scientific Technology

Agency.
DYNAMIC PROPERTIES OF SOIL.

The shaking table test on dynamic properties of the non-
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liquefied ground whose soil surface is dry(in this case the
height of the ground is 3.48m). The soil is called
Kasumigaura sands whose physical properties are shown in
Table 1. A uniformity coefficient is about 3. Figure 1
presents strain dependency of equivalent shear stiffness
and equivalent damping factor base on the dynamic triaxial
test(a confining pressure : 0.5kgf/cm?2).

* In order to investigate a change of fundamental dynamic
properties of the soil ground, which is caused by soil
settlement due to repeated excitation, the test of random
noise excitations with maximum acceleration of 60 gal was
carried out. Figure 2 presents dynamic properties(the
Fourier spectrum ratio of ground surface to bottom and 1%
mode shape) of the non-liquefied ground. In case of sands
with dry surface, a distribution of shear stiffness of soil
deposits with depth is similar to that assumed to be
proportional to a square root of overburden pressure of soil.
When the shear stiffness is constant with depth, the
vibration mode shape is the function of cosine. Also when
the shear stiffness is proportional to depth, the soil deposit
has the vibration mode shape which much changes near the
surface. )

SHAKING TABLE TEST OF PILE FOUNDATION IN
LIQUEFIED SOIL UTILIZING BIG SHEAR BOX

3.1 Experimental Series and Purpose of Experiment
The dimensions of soil deposit in the big shear box used in
the experiment are about 6m, 11.6m and 3.1m in height,
length and width, respectively. A model of pile foundation
is made of steel and is 40cm, 10cm and 5.82m in width,
thickness and length, respectively.

Table 2 shows the experimental series and purposes of
each experiment. In case @, @ and @), the purposes are
to clarify the behaviors of pile foundation during
liquefaction, influences of production methods of soil

. deposit on the behaviors and to confirm the reproduction of

dynamic behaviors by boiling production method. In case
@, that is to investigate the effect of a countermeasure
against liquefaction by dissipation method of excess pore
water pressure using vertical drains. In case ®, that is to
confirm the effect of level of ground water on liquefaction
process(low ground water level is an idea of the
countermeasures against liquefaction).

In each case, in addition to earthquake excitation and
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random wave excitation with white noise, a static test, that
is, horizontal force to a pile head, and an oscillator test, that
is, dynamic excitation with a constant frequency to the pile
head during dissipating stage of water pressure were
conducted. An earthquake wave form using in the
experiment is a north and south component record at 32m
in depth observed in Port Island in Kobe city in 1995. The
maximum acceleration of input excitation was adjusted to
be 500 gals.

Production(reproduction) methods of soil deposits are a
drop of sands into water(Case @), and a boiling from
bottom of soil deposit by high water pressure(Case® -
(®). Table 3 shows heights and relative densities of
produced soil deposits.

Figure 3 represents measurement points in the
experiment. In this figure, a ground water level of each
experimental series and a position of drains for the
countermeasure against liquefaction by dissipation in case
@ are also drawn. In the ground (measured lines G-1 to
G-5), accelerometers and excess pore water transducers
were installed. In the piles (P-1), accelerometers, excess
pore water transducers and earth pressure transducers(on
the both sides perpendicular to vibration direction) were set.
Also strain gauges were attached on pile surfaces (P-1 and
P-2) to measure bending moments and shear forces. In the
foundation and the shear box, accelerometers and
displacement transducers were installed.

3.2 Dynamic Properties and Vibration Mode of Soil
Ground ,
Dynamic properties of soil ground under random wave
excitation (max. acceleration 30 gals), are drawn in Fig. 4.
Predominant frequencies of soil ground are about 5.3 — 5.6
Hz and 685 Hz in Case@® - @, and Case ®,

- respectively.

The vibration mode at the predominant frequency in
Case @ is shown in Fig. 5. In the figure, the vibration
modes corresponding to the soil grounds with constant
shear stiffness through depth and with stiffness
proportional to overburden pressures are also drawn. The
distribution of shear stiffness of produced soil ground is

' similar to that in the proportional stiffness to overburden

pressures. The distribution in saturated soil ground is
different from that in soil ground consisted of dry sand as
shown in Fig. 2. Under the small vibration(acceleration),




the pore water seems to contribute the stiffness of the
ground. Through the contribution of pore water to stiffness,
the excess pore water will increase under the large
vibration and the effective stress will decreases.

3.3 Liquefaction Phenomena Under Earthquake
Excitation

(1) Comparison by Production Method of Soil Deposit
Time histories of main measuring points in Cases @ and
@ are illustrated in Fig. 6. The maximum response
distribution of accelerations, excess pore water pressures
and pile bending moments are drawn in Fig. 7. The
production method in Case @ and Cases @ and @ are
the drop of sands into water and the boiling from bottom of
soil deposit by high water pressure, respectively. The
difference of the process of excess pore water pressures
between in Case (D and in Case @ is little except that it
takes more time to increase the excess pore water pressure
in depth less than 2m from the soil bottom in Case @ than
in case (D. The excess pore water pressure and its process,
the acceleration of foundation and the bending moment of
piles have almost the same responses in Cases @ and ®
except little difference of soil ground density. From results
that the distribution of maximum excess pore water
pressure and, maximum acceleration of foundation and the
bending moment of piles through depth in Cases @ to @,
it is clarify that the liquefied soil deposits are reproduced
by the boiling.

(2) Effect of Countermeasure Against Liquefaction

The time histories of responses and the distribution of
maximum responses in Cases @ and ® are shown in
Figs. 8 and 9, respectively. The ground water levels are the
ground surface and 1.4m in depth from the surface in Cases
@ and G, respectively. In Case ®), all of the soil deposit
is saturated. On the other hand, the soil deposit in depth
less than 1.4m is not saturated and the soil deposit in depth
more than 1.4m is saturated, in Case ®. The amount of
increase of excess pore water pressures in saturated soil
ground of case @ is larger than that in soil ground with
non-saturated soil layer of Case ®. In Case ®), there is
little increase of excess pore water pressures in non-
saturated soil layers. The maximum acceleration of soil
deposit is larger in Case ® than that in Case @. On the
contrary, The maximum bending moment of piles is less. .
As the decrease of the effective stress, that is, the decrease
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of the shear stiffness is less in the soil deposit with non-
saturated soil layer, the displacement responses of soil
deposit is less. The displacement of the shear box in Case
® is about one fourth of that in Case 3. The amount of
pole bending moments is corresponding to the difference of
the displacement of shear box.

From a result of comparison of responses between in
Cases @ and @), the excess pore water pressure and its
build-up process, the acceleration of foundation and the
bending moment of piles have the similar responses. It
shows that the effect of reducing increase of excess pore
water pressure by vertical drains is not remarkable under
the earthquake level in the experiment. However, in the
dissipation process of the excess pore water pressures after
the excitation, the dissipation rate is 4 times by vertical
drains, as shown in Fig. 10.

(3) Behavior of Piles

The distribution of bending moment of piles and excess
pore water pressures at several stages of excess pore water
pressure level are drawn in Fig. 11. During the increase
process of excess pore water pressures, the distribution that
the amount of bending moments is large in the depth near
ground surface(shallow depth) can be seen. There are
enough subgrade reactions to piles in deeper soil layers.
After the increase of excess pore water pressures in all of
the layers, the bending moment distribution of piles is
linearly changed and the reduction of subgrade reactions
due to liquefaction is verified.

OSCILLATOR TEST OF PILE FOUNDATION

In order to investigate relationships between the subgrade
reaction of the soil and the excess pore water pressure, an
oscillator(an eccentric moment is 100kg.cm) was installed
on the footing of the pile foundation. After the earthquake
excitation, the oscillator test was conducted in several

stages of dissipated process of the soil deposit. A excited

way of the oscillator is a sweep excitation with increase or
decrease of frequency between 3 and 16 Hz in time period
of 50 seconds. Following results are those under the

_frequency increase excitation in the dissipated process of

Case @.

(1)Responses of Footing and Pile

The time history of excess pore water pressure in the
dissipated process after the earthquake excitation are




shown in Fig. 12. The broken lines means a time period
when the excess pore water pressures were not measured
just after the earthquake excitation and during final stage of
dissipation. The excess pore water pressure is zero before
the earthquake excitation. Symbols T1 to T6 means several
stages in dissipating process. Though the increase of excess
pore water pressure occurs during the oscillation test, the
influence on the whole dissipation process seems to be
little. The distributions of excess pore water pressures at
the several stages are drawn in Fig. 13. In the figure, the
distribution of the maximum excess pore water pressures
during earthquake excitation is plotted. The dissipation of
excess pore water pressures starts in the deeper layer and
the dissipated layers move to shallow layers gradually with
time.

Resonant curves of the foundation displacement at the
stages T1 to T6 are illustrated in Fig. 14. With the
dissipation, the resonant frequencies are high and the
amplitudes at the resonant frequencies is low. When the
dissipation goes to a certain extent, the resonance of the
soil deposit(about 5 Hz) appears again by getting the shear
stiffness of the soil. The distribution of the pile bending
moments at the resonant frequencies of each stage is shown
in Fig. 15. The maximum of pile bending moments occurs
at the pile head in every case. The second maximum points
of bending moments are 2.5 to 4 m from ground bottom
* and are more shallow with dissipation.

(2)Subgrade Reaction During Dissipation

The subgrade reactions and coefficients of subgrade
reaction to piles are estimated from the data of bending
moments of piles.

The distribution of earth pressures to the pile at the
resonant frequencies of each stage is presented in Fig. 16.
The earth pressure transducers were installed at the both
sides in the excitation direction. The earth pressures are
obtained from values of outer and inner
transducers(difference between two). The depth at the
maximum earth pressures moves at shallow depth with the
dissipation. The change of depth at the maximum bending
moments and the maximum earth pressures in the ground
means the reappearance of soil stiffness with dissipation.

The distribution of bending moments is approximately
expressed by a polynomial equation. The subgrade

reactions do not act to the piles in the depth where the -

settlement of ground surface occurs during dissipation. The

5-4

subgrade reactions are obtained to be differentiated twice
with respect to a time t. The displacements are obtained to
be integrated twice with respect to a time. Boundary
condition of the displacement at the pile tip is zero and that
at pie head is equal to the displacement of the footing
measured in the experiment. The coefficient of the
subgrade reaction is a division of the subgrade reaction by
the displacement and the pile width.

The distributions of the pile displacements and the
subgrade reactions obtained from the pile bending
moments are shown in Fig. 17. In the figure, the
distribution of displacement obtained from the measured
acceleration and the distribution of subgrade reaction
obtained from the measured earth pressures. The
approximate polynomial equations are compatible to the
distribution of measured data except a little difference of
values. The coefficients of the subgrade reactions is drawn
in Fig. 18. The coefficient of subgrade reactions with
nearly zero displacement is omitted in the graph. In early
dissipation stage, the coefficients are large in the relatively
deep layers. With reproducing shear modulus of soil, the
depth at the maximum of the coefficients is gradually
shallow.

CONCLUSIONS

The results of the shaking table tests of the pile
foundation during liquefaction and the oscillator tests of
that during dissipation are summarized as follows.

It is clarify that the liquefied soil deposits are
reproduced by the boiling except little difference of soil
ground density.

2) The effect of low ground water level on preventing from
liquefaction is remarkable.

'3) The effect of the vertical drains(the countermeasure

method against liquefaction) is not remarkable in the
increasing process of excess pore water pressure during
liquefaction. But the vertical drains are effective on
dissipating the excess pore water pressure after
excitation.

. 4) The subrgade reaction is reproduced with dissipation.

The deeper layers are early reproduced.
5) The shear stiffness is reproduced with dissipation and
the resonant frequency of the soil ground appears.
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ENERGY DISSIPATION IN SOIL-STRUCTURE INTERACTION:
A CONSULTANT’S PERSPECTIVE

By: C.B. Crouse'

ABSTRACT: Energy dissipation as a means of reducing the seismic response of
structures has become a popular topic among researchers and structural engineers
who have developed and implemented devices, such as friction dampers, fluid
dampers, and isolators, in the retrofit of structures. However, a natural source of
energy dissipation is the interaction between a structure, its foundation, and the
supporting soil medium. This interaction can be significant and potentially
beneficial in certain situations, resulting in large reductions in seismic response.
Unfortunately, this phenomenon is often ignored by many structural engineers
because of their lack of knowledge of (1) theoretical principles governing soil-
structure interaction (SSI), (2) circumstances when SSI is potentially important, (3)
the field measurements of modal damping ratios, and (4) methods to estimate modal
damping ratios in soil-structure systems. This knowledge gap exists primarily
because the SSI subject is not generally taught at the undergraduate or graduate
levels in university civil engineering departments. The theoretical principles,
involving wave-propagation theory, boundary-value problems, and soil and
structural mechanics/dynamics, are daunting to most civil engineering students with
design-oriented career goals. Nevertheless, assuming the frequency-dependent
foundation impedance functions can be obtained for a particular SSI system from
the literature or from a consultant, relatively simple and practical systems-
identification methods can be used to estimate the composite modal damping ratios
for the significant modes of vibration. SSI experiments and theoretical calculations
using these simple models have yielded relatively large modal damping ratios in
certain situations for structures such as short-span bridges, offshore concrete gravity
platforms, nuclear power plant containments, fuel storage tanks, short to mid-rise
buildings, and nuclear waste processing plants.

! Principal Engineer, Dames & Moore, 500 Market Place Tower, 2025 First Avenue, Seattle, Washington 98121
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INTRODUCTION

This paper, which is intended primarily for the professional structural engineer engaged in seismic
design, first reviews the general state of SSI practice in the consulting engineering/structural design
professions from the standpoint of energy dissipation in SSI systems. In dynamic analysis of
structures, modal damping ratios between 0.03 and 0.07 (with a nominal value of 0.05) are typically
used in practice. These values are generally acknowledged as structural damping ratios and are
usually valid for a rigid or nearly rigid-base model of the structure. However, these values are often
used in flexible-base models, which can result in an overestimation of the seismic loads.

In the section, Composite Modal Damping. technical justification for higher damping ratios for
flexible-base models is provided by reviewing the concept of composite modal damping for soil-
structure systems and the factors that affect it. Next, experimental data on modal damping of soil-
structure systems are reviewed in the section, Measurements of Composite Modal Damping. In the
subsequent section, Estimate of Composite Modal Damping, a simple systems identification
procedure is described for estimating modal damping ratios in SSI systems with one or more
foundations and frequency-dependent foundation impedance functions. Details of an example
calculation of the modal damping ratios illustrating this procedure for a liquid fuel storage tank are
described at the end of this section. A discussion of the implications of energy dissipation in SSI
for seismic design is presented in the last section of this paper.

STATE OF PRACTICE

The state of the practice for modeling energy dissipation in SSI analysis for structures other than
nuclear power plants is typically as follows. The structural engineer usually performs the analysis
and constructs a model of the structure from the element library in a commercial software program
for structural dynamics. Most of these element libraries have rotational and translational springs of
constant stiffness that can be attached to the base of the structural model to simulate the foundation-
soil interaction. The structural engineer will usually consult a geotechnical engineer for these
foundation stiffnesses, but will not usually request estimates of the foundation damping. The
structural analysis software typically solves the equations of motion using modal superposition.

The input motion is usually defined by the geotechnical engineer or engineering seismologist and
consists of design spectra corresponding to damping ratios specified by the structural engineer, who
typically selects values in the aforementioned 0.03 — 0.07 range.

This practice of incorporating SSI effects has remained fairly constant during the last 20 years.
While more structural engineers recognize the importance of including foundation flexibility in
their models, there has been a reluctance to properly incorporate the damping into the system. Most
popular commercial structural dynamics software programs do not include viscous damping
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elements. Even if the provision for specifying the element damping were available in these
programs, most engineers would have difficulty specifying the viscous damping constants for each
element because, unlike the relatively simple methods for generating the element stiffnesses, the
procedures for estimating the values of a system damping matrix, are more complex. Available
procedures are obscure, unknown, or difficult to understand by many structural engineers. Until
they become familiar and comfortable with these procedures, the usual practice of arbitrarily
adopting modal damping values around 0.05 will continue.

Many structural engineers are presently using software for nonlinear inelastic dynamic analysis of
structures. The hysteretic damping from the specification of the load-deflection characteristics of
the structural elements is automatically included in the structural models, but the damping for the
foundation elements is more difficult to specify because of the anelastic (hysteretic) damping of the
soil and the frequency-dependent radiation damping of the foundation-soil medium.

In the penultimate section of this paper, a simple example is provided illustrating the calculation of
modal damping ratios for the fundamental mode of vibration of a tank-foundation system. Even in
this example, the geotechnical engineer needed to recognize and properly estimate the two
components of foundation damping (hysteretic and radiation).

COMPOSITE MODAL DAMPING

The composite modal damping ratio for each mode of vibration of a soil-structure system depends
on the foundation damping, the structural damping, and the nature and degree of interaction
between the structure and supporting soil. The foundation damping consists of the material (or
hysteretic) damping of the soil and the radiation damping associated with the generation and
propagation of seismic waves into the soil medium by the motion of the foundation relative to the
free-field earthquake motion. The material damping primarily depends on strain induced in the soil
during the shaking (e.g., Seed and Idriss, 1970), whereas the radiation damping depends on the
elastic properties of the surrounding soil and the shape and embedment of the foundation. For a
given soil profile and foundation geometry, the radiation damping depends on the mode of
foundation vibration, e.g., vertical translation, horizontal translation, rotation, or a combination of
translation and rotation (Richart et al., 1970; Gazetas, 1983).

Generally, foundation damping is highest for vertical and horizontal vibration and lowest for
rocking motion. However, even for rocking modes, the damping ratios can be significantly larger
than the nominal 5% critical damping ratio typically assumed for structures such as buildings and
bridges. Thus, foundation damping is normally -much higher than structural damping. In
qualitative terms, the composite modal damping for a given soil-structure system with given
amounts of foundation and structural damping will depend on the amount of deformation in the
structure relative to the foundation movement. For example, the composite modal damping for stiff
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structures on flexible soils is expected to be greater than the composite modal damping for flexible
structures on stiff soils. This conclusion is easily seen in the limiting cases of an infinitely rigid
structure on a flexible soil or a flexible structure founded on hard bedrock (i.e., rigid-base
structure).

The next two sections discuss the measurement and prediction, respectively, of composite modal
damping.

MEASUREMENTS OF COMPOSITE MODAL DAMPING

Composite modal damping ratios have been measured in a variety of soil-structure systems
including simple footings, pile foundations, multistory buildings, bridges, and a scale-model
nuclear plant containment structure. These damping ratios were obtained from soil-structure
responses measured during forced vibration tests or earthquake excitations. The results for several
soil-foundation and soil-foundation-structural systems familiar to the author are presented below.
A comprehensive compilation of SSI parameters (including modal damping ratios) estimated from
earthquake responses recorded at 58 building sites is presented in Stewart and Stewart (1997).

Concrete Footings

Forced harmonic vibration tests were conducted on small rectangular footings, approximately
1.2m x 1.2m in plan dimensions with thicknesses ranging from 0.1 m to 0.6m. The footings, to
which strong-motion accelerographs were attached to measure earthquake ground motions, were
underlain by moderately stiff soil with shear-wave velocities on the order of 150 m/s. One test was
conducted in Jenkinsville, South Carolina (Crouse et al., 1984) and the others were conducted in
southern California (Crouse and Hushmand, 1989). The Jenkinsville footing, which is 0.6 m thick
and embedded approximately 0.45 m in the surrounding soil, is shown in Figure 1, and the southern
California footings are shown in Figure 2. The modal damping ratios for these footings are
summarized in Table 1 below.

TABLE 1. Measured Modal Damping Ratios
for 1.2m x 1.2m Concrete Footings

Location Damping Ratio
Jenkinsville, SC 0.20-0.21
Parkfield, CA 0.30-0.40
El Centro, CA 0.30-0.40

The vibration modes corresponding to these damping ratios were coupled translation-rocking.
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A similar vibration test was conducted in El Centro, California on a larger rectangular foundation
with dimensions of 2.44m x 2.44m x 0.10m thick (Crouse and Hushmand, 1989, 1990). This
foundation, also founded on soil with a shear-wave velocity of approximately 150 m/s, supported
an 2.44m high rigid masonry block structure (Figure 3). The modal damping ratio for this system
was approximately 0.29 (Crouse et al., 1992).

Scale-Model Concrete Containment Structure

In 1985 the Electric Power Research Institute (EPRI) and Taiwan Power Company (TPC)
constructed a 1/4 scale-model of a nuclear power plant containment structure (Figure 4) in Lotung,
Taiwan. The containment structure was a cylindrical reinforced concrete shell (outer radius =
5.25m) that was 15.2m high and attached to a 0.91m thick circular concrete mat. The average
shear-wave velocity measured in the upper 6.1m of soil was approximately 150 m/s. The Nuclear
Regulatory Commission (NRC) conducted forced harmonic vibration tests on the structure. The
instrumentation on the structure also recorded motions from several earthquakes.

The modal damping ratios measured during the forced vibration test and during the May 20, 1986
earthquake of magnitude 6.5 are listed in Table 2 (Tajimi Engineering Services, Ltd, 1989).

TABLE 2. Measured Modal Damping Ratios for
Concrete Containment Structure

Event Estimation Method Damping Ratio
Forced Vibration Test Bandwidth " 0.10
Resonant Amplification 0.15-0.17
Energy 0.13-0.21
5/20/86 Earthquake System Identification 0.22

The mode of vibration yielding these damping ratios was primarily foundation rocking with a '
relatively small component of sway deformation of the containment. The associated resonant
frequency was 3.8 Hz during the forced vibration test and 2.3 Hz during the earthquake. The lower
frequency and higher damping during the earthquake is attributed to greater nonlinear (hysteretic)
soil behavior.

Bridges

Vibration measurements on bridges during forced vibration tests and during a large earthquake
were used to estimate modal damping ratios for three bridge-foundation-soil systems. Analysis of
these data appears in a paper by Crouse and Werner (1995). Table 1 from that reference
(reproduced with minor edits as Table 3 below) lists the relevant information about the bridges,
Horsethief, Meloland Road Overcrossing (MRO), and Moses Lake, which are one, two, and three

6-5
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spans, respectively, and which are supported on moderately stiff soil at their abutments and pier
foundations.

TABLE 3. Characteristics of Bridges

Name and Length Type of Type of R R .
Location (m) | Construction | Abutment Foundation Type Foundation Soils
Abutment Pier Abutment Pier
Horsethief 314 RC box girder |Monolithic |Footing - Stiff sand -
Corona, CA
MRO 63.4 RC box girder |Monolithic |Wood Piles |[Wood Piles | Stiff clay Mod. stiff sand,
clay and sand
El Centro, CA
Moses Lake, WA (43.3 RC | girder Seat Footing Footing Dense silty | Very stiff
sand sandy silt

The mode shapes, natural frequencies, and modal damping values were compiled from the test data
and the strong motion records. Table 4 contains the relevant modal data from each bridge-vibration
data set; only the data from modes with a significant transverse component are included in the
table. In these modes, the SSI was thought to be potentially significant. Listed in the third through
seventh columns of Table 4 are the natural frequencies, selected modal deflections, and modal
damping ratios. The modal deflections listed are the average transverse translation of the abutments

(R.,), the maximum transverse deflection of the deck ( R;), and the maximum vertical deflection of

the deck (Ry). For these data sets, R} was primarily due to torsion of the deck about the
longitudinal axis. The transverse modal deflections at the pier foundations of the MRO and Moses
Lake bridges were not included in Table 4 because they were roughly an order of ‘magnitude

smaller than the abutment deflections, (g, ).

A parameter, @, was defined to characterize the amount of SSI in each mode of Vlbratlon of the
bndge—foundatlon-soﬂ system in terms of the modal deflection terms:

o= Re _ (1)
(Ra* R3)

The rationale for this expression is as follows. The experimental data for bridges reveal high
damping in transverse modes of vibration where the abutment transverse deflection is a significant
fraction of the transverse deck deflection. In these modes, the vertical deflection of the deck is
relatively small. Modes with vertical deflections that are much larger than the transverse
deflections of the abutment have relatively small damping. Longitudinal modes of vibration are
expected to have fairly large damping also, but these modes are difficult to excite and are not
considered to be as important as transverse modes from the standpoint of earthquake performance.

Thus, the parameter 6 does not incorporate longitudinal deflection terms.
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If significant soil-structure interaction is defined as values of 8 > 0.1, then all modes satisfying this
criterion in Table 4 have modal damping ratios { > 6%. The range of ¢ is between 6% and 26%.
For 0.05 < 6 <0.1, modal damping ratios, ¢ > 6% were also observed for the second transverse
mode of the MRO. For 8 <0.05, £ <0.05 for the data in Table 4. The correlation between 6 and
¢ is clearly seen in these data, which strongly suggest that damping ratios £ > 0.05 are justified
for bridges in cases where the SSI is significant.

TABLE 4. Modal Damping Ratios for Transverse Modes of Vibration of Bridges

Bridge Test Case | Transverse | Natural Modal Deflections Modal ssi
Mode No. | Frequency Damping, | . - neter
(Hz) g (%) 0
z Ry RY

1. MRO-vib. test 1 33 0.11 0.31 0.18 6.2 0.22
(quick release - 2 12.7 0.029 0.096 0.30 8.8 0.073
21 kip load) 3 22.1 ~0 0.19 0.38 32 ~0

2. MRO-vib. test 1 3.2 0.094 0.33 0.14 6.5 0.2
(quick release - 2 13.2 0.02 0.10 0.32 11.6 0.05
141 Kip load) 3 224 ~0 0.96 0.34 34 ~0

3. MRO-1979 EQ 1 25 0.66 1.0 0.37 10-26 0.48

4. Horsethief 1 6.4 <0.01 0.03 0.27 35 ~0

~ (forced 2 8.2 0.8 1.25 0.39 15.0 0.49
" harmonic
vibration)

5. Moses Lake 1 6.6 0.31 1.0 0.22 9.1 0.25
(forced 7.4 0.26 1.0 0.45 6.8 0.18
harmonic
vibration - test 1)

6. Moses Lake 1 6.5 0.24 1.0 0.26 6.2 0.19
(forced 2 71 0.40 1.0 0.42 8.5 0.28
harmonic
vibration - tesst 2)

ESTIMATION OF COMPOSITE MODAL DAMPING

This section first describes a systems-identification method for the estimation of modal damping in
SSI systems where the foundation impedance functions are frequency and strain dependent. Next,
the method is illustrated in an example calculation of composite modal damping for a liquid natural
gas (LNG) tank.
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Systems-Identification Method

Systems-identification methods typically have been used to estimate system parameters (e.g.,
natural frequencies, damping ratios, and foundation stiffnesses) from response data recorded during
vibration tests or earthquakes. These methods also can be adapted to SSI analyses for structures in
the design stage in cases where the structures are supported on multiple foundations and/or where
the frequency dependence of the foundation impedance functions is significant. For such cases,
closed-form solutions for modal damping ratios do not presently exist, although solutions have
been developed for the case of single foundations supported on a medium in which the foundation
impedance functions (stiffness and damping coefficients) are frequency independent (e.g., Luco,
1981; ASCE, 1986).

The systems-identification method, presented herein, is applicable to linear SSI systems and is as
follows. Equations of motion are derived in the frequency domain for the SSI system in
generalized spatial coordinates and in modal coordinates. These two sets of equations are used to
develop transfer functions (one for generalized coordinates and another for modal coordinates) that
express the ratio of the motion at some point on the structure to the free-field motion as a function
of frequency. The transfer function of the model in generalized coordinates is presumed to be
known because the structural masses, moments of inertia, stiffnesses and damping constants, as
well as the foundation impedance functions, are known or can be computed. On the other hand, the
natural frequencies and damping ratios in the transfer function for the SSI model based on modal
coordinates are unknown. The values of these parameters are varied until the two transfer functions
are similar.

In the generalized coordinate system, the specification of the structural damping is straightforward
for a 1 degree-of-freedom (d.o.f.) representation of the structure, which is an acceptable
approximation for a number of SSI systems. In this case, the damping coefficient, ¢, is computed

using the formula, c=2g\/;m— , for a 1 d.o.f. oscillator, where  is the assumed modal damping ratio
for the oscillator (fixed-base structure), and k and m are the known oscillator stiffness and mass,
respectively. In cases where a multi-d.o.f. model is required for the structure, the structural
damping matrix can be computed by fairly simple matrix algebra (e.g., Tsai, 1969) by (1) assigning
modal damping ratios (;) for each mode of vibration of the fixed-base model of the structure, and
(2) assuming these ratios are factors in the diagonal elements, 2 ;C; , of the diagonal damping
matrix of the modal equivalent of the fixed-base structure, which is assumed to possess classical
normal modes.

For many applications in practice, the foundation impedance functions can be obtained from the
literature (see Appendix A of WSDOT (1993)) or from commercially available computer codes,
e.g., DYNA3 (Novak et al, 1991), SUPELM (Kausel, 1992).
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The impedance functions in the literature are usually presented in graphs or tables for assumed
values of the material damping of the soil. In the case of uniform material damping of the soil
medium, the published impedance functions can be easily adjusted to account for a different
material damping (Wong and Luco, 1981). This material damping ratio can be estimated from
published strain-dependent damping ratio curves or can be derived from laboratory tests on soil
samples. In either case, the effective shear strain in the soil must be estimated based on the design
ground motion.

Example Calculation of Composite Modal Damping for a LNG Tank

Dames & Moore recently participated in a project involving the seismic design of a large
cylindrical steel flat-bottom LNG tank in a region of moderate seismic activity. The tank was to be
supported on a mat foundation resting on the surface of improved soil. The structural designer was
planning to conduct a linear dynamic analysis using the design response spectra corresponding to
the appropriate modal damping ratios associated with the impulsive and convective modes of the
tank-fluid-foundation-soil system.

The composite modal damping of primary interest was for the fundamental impulsive mode. The
model] used to compute this ratio was similar to the model of Veletsos and Tang (1990). It
consisted of a single-degree-of-freedom oscillator representing the impulsive mode of the fixed-
base tank attached to a circular foundation mat supported on a visco-elastic half space. The
relevant parameters of the model for the Operating Basis Earthquake (OBE) and Safe Shutdown
Earthquake (SSE) levels of shaking (0.2 g and 0.4 g, respectively) are summarized in Table 5.

TABLE 5. Model Parameters for LNG Tank Example

Model Element Parameter Parameter Value
OBE SSE
Tank Shell & Fluid |Impulsive Liquid Mass 3.35x 10" kg 3.35x 10" kg
' Impulsive Mode Frequency 39Hz 3.9Hz
Impulsive Mode Damping Ratio 0.03 0.07
Height of Impulsive Mass 11.9m 11.9m
Height of Liquid, H 31.8m 31.8m
Inner Tank Radius, a . 400m 40.0 m
Tank Foundation |Radius 445m 445m
Mass 1.23x 107 kg 1.23x 10" kg
Mass Moment of Inertia 7.10 x 10° kg-m? 7.10 x 10° kg-m?
Half Space Shear-Wave Velocity 263 m/s 204 m/s
' Density 1.76 gmicc 1.76 gmicc
Poisson’s Ratio : 0.3 0.3
Material Damping Ratio 0.10 0.15
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The modal damping ratio was estimated by deriving equations for the Transfer Function (TF)
between the tank-displacement motion and the free-field, ground-displacement motion induced by
the earthquake. One TF was expressed in terms of the generalized coordinates, mass, damping, and
stiffness quantities, while the other TF was expressed in terms of the modal quantities (i.e., natural
frequencies, modal damping ratios, mode shapes, and participation factors). The material damping
ratio of the soil was incorporated by modifying the foundation impedance functions for a circular
disc on an elastic half space without material damping. The procedure for the modification is given
in Gazetas (1983) or Wong and Luco (1981).

The modal damping ratio for the fundamental mode of the system that provided similarity in the
moduli of the two TFs was estimated. Using best estimates for the parameters of the tank-
foundation soil model (Table 5), modal damping ratios of 0.19 and 0.28 were estimated for the
OBE and SSE, respectively. Comparisons between the resulting two TFs of the OBE and SSE are
shown in Figures 5a and Sb, respectively.

The relatively high modal damping ratios estimated for the OBE and SSE are the result of the
significant interaction between the tank foundation and underlying soil. These results are consistent
with those in Veletsos and Tang (1990) in the sense that composite modal damping values much
higher than the structural damping value are expected for tanks with small liquid height to inner
tank radius ratios (H/a) on relétively flexible soils.

DISCUSSION

Experimental test results and predictions from theoretical models clearly demonstrate that relatively
large composite modal damping ratios are possible when SSI effects are significant. Furthermore,
when properly substantiated by appropriate SSI analysis procedures, the use of relatively large
composite damping values for the computation of seismic loads is accepted practice in the U.S.
nuclear power industry. All of this experimental/theoretical evidence and the nuclear industry
precedent suggest that in the case of other important structures, composite modal damping values
larger than the structural damping ratios should be considered in the calculation of the seismic
loads. However, the composite modal damping values determined by theoretical models are not
necessarily those that should be used in final design. The final modal damping values should
consider uncertainties associated with the SSI model and its parameters, relevant experimental data,
and the degree of conservatism desired for the design.

One potentially beneficial effect that was not considered in the SSI model for the tank example is
the filtering or reduction in high frequency ground motion by the passage of seismic waves across
the tank foundation. During the last 25 years, this effect has been observed in buildings with
foundation areas similar to that of the example tank.” The high-frequency filtering phenomenon for
foundations of this size on soils of roughly the same stiffness has been observed for frequencies
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greater than about 2 Hz (e.g., Yamahara, 1970; Crouse and Jennings, 1975; Newmark et al., 1977,
Fenves and Serino, 1992; Stewart and Stewart, 1997). The filtering, or kinematic interaction, is
caused by (1) incoming seismic waves at angles of incidence less than 90° (vertical propagation),
and (2) incoherence in the ground motion due to wave scattering from inhomogeneities in the local
geology and anelastic attenuation.

The size of the example tank foundation (~ 80 m diameter), the flexibility of the underlying soil, and the
estimated fundamental impulsive frequency of the tank-soil system (~ 3% Hz) were factors collectively
suggesting that filtering of ground motion at this frequency may occur, thus reducing the impulsive
seismic load on the tank. The observational data indicate that a modest reduction in the OBE and SSE
design spectra at short periods to account for this effect (which is equivalent to increasing the damping)
was appropriate. However, the inclusion of this effect in the development of site-specific design spectra
for particular structures should be coordinated with the structural engineer performing the dynamic
analysis and design. The basis and amount of any reduction in the design spectra due to kinematic
interaction should be well documented by the professional developing the design spectra.
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EMPIRICAL ASSESSMENT OF SOIL-STRUCTURE INTERACTION
EFFECTS FROM STRONG MOTION RECORDINGS

Jonathan P. Stewart

Abstract: System identification analyses are used to evaluate soil-structure interaction effects
for 77 strong motion data sets at 57 building sites which encompass a wide range of structural
and geotechnical conditions. Kinematic interaction effects on the “input” motion at the bases of
structures are found to be relatively modest in many cases, whereas inertial interaction effects on
the structural response to these motions can be significant. To quantify inertial interaction
effects, fixed- and flexible-base modal vibration parameters are used to evaluate first-mode

period lengthening ratios ( T/T) and foundation damping factors (zo ). The response of some
structures is dominated by inertial interaction (e.g. T/ T =4, zo = 30%), whereas others undergo

negligible SSI (e.g. T/T=1, Eo =0). Simplified analytical formulations adapted from_Veletsos

and Nair (1975) and Bielak (1975) are used to predict inertial interaction effects, and are found to
be reasonably accurate relative to empirical results, with some limitations for long-period
structures. A collective examination of the empirical and predicted results reveals a pronounced
influence of structure-to-soil stiffness ratio on inertial interaction, as well as secondary influences
from structure aspect ratio and foundation embedment, type, shape, and flexibility.

INTRODUCTION -

Documentation of seismic case history data is a critically important step towards ‘
understanding and reliably characterizing complex problems in geotechnical earthquake
engineering. Few empirical studies of soil-structure interaction (SSI) have been performed due
to the previously limited amount of strong motion data from sites with instrumented structures
and free-field accelerographs. In contrast, analytical formulations for SSI are numerous, ranging
from complex, three-dimensional finite element analysis procedures capable of incorporating
fully nonlinear dynamic soil modeling (e.g. Borja, 1992) to simplified substructure techniques
suitable for implementation in building codes (e.g. Veletsos and Nair, 1975). While some
sophisticated analytical models have been verified using recorded data from nuclear reactor
structures or scaled models thereof (e.g. Valera et al., 1977; Bechtel, 1991), empirical studies
incorporating a large number of building sites with strong motion recordings are lacking.

In this paper available earthquake strong motion data, much of which has only recently
become available, are analyzed to evaluate the effects of inertial interaction on structural

! Asst. Prof., Civil and Env. Engrg. Dept., University of California, Los Angeles, CA 90095-1593
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response for a range of geotechnical and structural conditions. The results are used to verify
simplified inertial interaction analysis procedures modified from Veletsos and Nair (1975) and
Bielak (1975). Kinematic interaction, which modifies foundation-level motions relative to free-
field motions, is a second order effect for many buildings, and is not the primary subject of this
paper. The paper is organized into separate sections describing the analysis procedures, database,
empirical data, and the calibration of the SSI design procedures. These results are a summary of
the findings in Stewart et al. (1998).

ANALYSIS METHODS

Overview of Design Procedure for SSI
For analysis of inertial interaction effects, the objectives are predictions of first-mode period

lengthening ratio T/ T and foundation damping factor zo . As shown in Fig. 1, simple

procedures for evaluating these effects employ a model consisting of a single degree-of-freedom
structure resting on a foundation-soil system represented by an impedance function. The
impedance function is calculated for a rigid disk foundation resting either at the surface of
(Veletsos and Nair, 1975) or embedded into (Bielak, 1975) a uniform visco-elastic halfspace.

As shown in Fig. 2, the motivation for characterizing T/T and EO is that they can be used

to estimate flexible-base modal parameters (T, ), which in turn are used in response spectrum-
based approaches for evaluating design-level seismic base shear forces and deformations in
structures. The parameters needed for analysis of T/T and & are:

e Soil conditions: shear wave velocity Vs and hysteretic damping ratio B which are

representative of the site stratigraphy and the level of ground shaking; representative soil
Poisson’s ratio v.

e Structure/Foundation Characteristics: effective height of structure above foundation level, &;
embedment, e; and foundation radii which match the area and moment of inertia of the actual
foundation, r,, and rg.

e Fixed Base 1st Mode Parameters: period and démping ratio, T and €.

Using these data, the impedance function is evaluated at the flexible-base period of the structure,

T. The frequency dependent and complex-valued impedance terms are expressed in the form
Rj =kj(a0,u)+imcj(a0,u) (1)

where j denotes either deformation mode u (translation) or 8 (rocking), @ is angular frequency

(radians/sec.), ap is a dimensionless frequency defined by ay = wr/Vs, r = foundation radius, Vs =
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soil shear wave velocity, and v = soil Poisson ratio. Terms k; and c;j consist of a combination of
static foundation stiffness (K;) and dynamic modifiers ¢ and f; as follows:
Kir
kj = oK, ¢ =By )
s

The terms ¢ and B; express the frequency dependence of the impedance, and are computed

differently for surface (Veletsos and Verbic, 1975) and embedded (Bielak, 1975) foundations.

Foundation radii are computed separately for translational and rotational deformation modes to

match the area (Af) and moment of inertia (Iy) of the actual foundation (i.e. 1, = VAT, 16 =

“V4Iym). The Bielak formulation includes a rigorous model of dynamic basement wall-soil

interaction, assuming perfect wall-soil bonding. An approximate analysis of embedment effects

can be made with the Veletsos and Nair model by increasing the static stiffness according to the
well known guidelines of Kausel (1974), and using o; and B; terms for surface foundations

(Elsabee and Moray, 1977).

Stewart et al. (1998) outlined several considerations associated with the application of these
procedures to realistic foundation and soil conditions. These can be summarized as follows:

1. Representation of nonlinear soil response and nonuniform soil profiles as a visco-elastic
halfspace. Strain dependent soil properties are evaluated with site response analyses which
are used to calculate an equivalent hysteretic damping ratio and a degraded shear wave
velocity profile. The effective profile velocity is taken as the profile depth divided by the
shear wave travel time through the degraded profile. Profile depth is taken as r,.

2. Representation of non-circular foundations. While noncircularufoundations with aspect
ratios < 4:1 can generally be represented as equivalent disks (Roesset, 1980), radiation
dashpot coefficients for rocking can be underestimated by such procedures (Dobry and
Gazetas, 1986). Correction factors can be adapted from the Dobry and Gazetas results.

3. Representation of flexible foundations. The impedance of flexible base mats with thin
perimeter walls or rigid concentric interior and perimeter walls can be reasonable well
represented by rigid foundation models (Liou and Huang, 1994; Riggs and Waas, 1985).
However, the rigid disk model is inadequate for buildings with rigid central cores, and should
be modified according to the results of Iguchi and Luco (1982).

The basic procedures for rigid disk foundations on or in halfspaces were modified according to

(1) to (3) above, and are subsequently referred to as the “modified Veletsos” (MV) and “modified

Bielak” (MB) formulations.

Use of System Identification to Evaluate SSI Effects

The objective of system identification analyses is to evaluate the unknown properties of a
system using a known input into, and output from, that system. For analyses of seismic structural
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response, the “system” has an unknown flexibility that generates a known difference between
pairs of input and output strong motion recordings. For example, as indicated in Fig. 3,
parameters describing the fixed-base system are evaluated from input/output pairs that differ only
by the structural deformation (u). Likewise, parameters describing the flexible base system are
evaluated from strong motion pairs whose difference results from foundation flexibility in
translation (ug) and rocking (0), as well as structural flexibility. A comparison of fixed- and
flexible-base modal parameters provides a direct quantification of SSI effects.

There are two principal system identification procedures:

1. Nonparametric procedures evaluate complex-valued transmissibility functions from the input
and output recordings without fitting an underlying model. These transmissibility functions
represent an estimate of the ratio of output to input motion in the frequency domain, and are
computed from smoothed power and cross-power spectral density functions of the input and
output motions. Modal frequencies and damping ratios are estimated from peaks in the
transmissibility function amplitude (Pandit, 1991; Ljung, 1987; Fenves and DesRoches,
1994).

2. Parametric procedures develop numerical models of transfer functions, which represent the
ratio of output to input motion in the Laplace domain. The amplitude of the transfer function
is a surface in the Laplace domain. The locations of peaks (or poles) on this surface can be

- related to modal frequencies and damping ratios. Parameters describing transfer function
models are estimated by minimizing the error between the model output and recorded output
in the discrete time domain using least squared techniques. The transfer function surface can
be estimated by minimizing cumulative error for the entire time history (Safak, 1991), or by
recursively minimizing error for each time step using a window of time immediately
preceding that time step (Safak, 1988).

The evaluation of vibration frequencies and damping ratios from transmissibility functions
can be problematic (especially for damping), because the shape of the functions is dependent on
details associated with the computation of the spectral density functions such as the number of
points in the Fast Fourier Transform and the windowing procedures used (Pandit, 1991).
Parametric procedures provide a relatively rigorous modeling of system response, because the
transfer function for a given set of time histories is only dependent on two user-defined
parameters: the delay between the input and output and the number of modes used in the
analyses (i.e. the order of the model). When these parameters are selected judiciously, the modal
frequencies and damping ratios can be reliably evaluated for linear structures. Hence, parametric
identification techniques were used here for the evaluation of modal vibration parameters.
Further details on the identification procedures are provided in Stewart et al. (1998).




Evaluation of Modal Parameters for Various Base Fixity Conditions

Three cases of base fixity are of interest in analyses of SSI: (1) fixed-base, representing only
the flexibility of the structure, (2) flexible-base, representing the combined flexibility of the
complete soil-structure system, and (3) pseudo flexible-base, representing flexibility in the
structure and rocking in the foundation. Pseudo flexible-base parameters are of interest because
they can sometimes be used to approximate flexible-base parameters or to estimate either fixed-
or flexible-base parameters.

Stewart et al. (1998) evaluated the types of input and output strong motion recordings that
are necessary to evaluate fixed-, flexible- and pseudo flexible-base vibration parameters of
structures with parametric identification procedures. While roof translations are always used as
output, the input motions for various base fixity conditions vary as indicated in Fig. 3.
Recordings of free-field, foundation, and roof level translations, as well as base rocking, are
needed to evaluate directly both fixed- and flexible-base modal parameters of a structure.

Instrumented buildings often lack sensors for recording base rocking or free-field
translations. For such cases either fixed-base parameters (missing base rocking) or flexible-base
parameters (missing free-field translations) cannot be evaluated directly from system
identification analyses. Stewart et al. (1998) derived expressions to estimate either flexible- or
fixed-base parameters using “known” modal parameters for the two other cases of base fixity.
The estimation procedures operate on the premise that differences between known parameters
can be used to calibrate the foundation impedance at the structure’s period; the calibrated
impedance can then be used to estimate the unknown parameters. These estimation procedures
extend significantly the number of sites for which SSI effects can be empirically evaluated.

DATABASE

Two classes of sites are used in this study: Class ‘A’ sites, which have a free-field
accelerograph and a structure instrumented to record base and roof translations (and in some
cases, base rocking as well), and Class ‘B’ sites, which have structures instrumented to record
base rocking as well as base and roof translations, but have no free-field accelerographs. This
section presents criteria employed for the selection of ‘A’ sites. The ‘B’ sites are simply those
with the stated structural instrumentation.

Each ‘A’ site was reviewed for the following: (1) the free-field instrument is not so close to
the structure as to be significantly affected by structural vibrations, and (2) the free-field
instrument is not so far from the structure that free-field and foundation-level motions exhibit
significant incoherence.




The check for contamination of free-field motion by structural vibrations is made by examining
power spectral density and coherency functions for the free-field and foundation motions. High
coherencies between the two motions at modal frequencies, or spectral peaks in free-field
motions at modal frequencies, indicate potential contamination. Results for all sites considered
in this study can be found in Stewart and Stewart (1997). Significant contamination of free-field
data was only found at two sites, and in both cases arose from vibrations of structures other than
the subject structure that were near the free-field seismograph.

The incoherence between foundation-level and free-field motions is assumed to follow the
empirical models developed using data from the Lotung, Taiwan LSST array (Abrahamson et al.,
1991) and SMART1 array (Abrahamson, 1988). A minimum coherency of 0.8 was enforced,
yielding maximum free-field/structure separations of about 800 m for 1 Hz structures, 450 m for
2 Hz structures, and 150 m for 4 Hz structures.

Suitable free-field instruments were sought for virtually all instrumented structures in
California, and 44 sites were identified (plus one additional structure in Taiwan). An additional
13 structures in California were considered in this study as ‘B’ sites. The ‘A’ and ‘B’ sites are
listed in Table 1. For the 57 sites, 74 processed data sets are available as a result of multiple
earthquake recordings at 13 sites.

Fifteen California earthquakes contributed data to this study with magnitudes ranging from
4.8 to 7.3. Moderate to low level shaking (pga < 0.1 to 0.2g) is well represented in the database
(50 data sets), while a moderate amount of data (24 data sets) is available for more intense
shaking (pga > 0.2g).

The foundation conditions at the sites include 23 buildings with piles or piers, and 34 with
footings, mats, or grade beams. Most buildings are not embedded (36) or have shallow single-
level basements (14). Only seven buildings have multi-level basements. The buildings range
from single story warehouses to high-rise office buildings. Lateral force resisting systems
include shear walls, frames, and base isolation.

EMPIRICAL EVALUATION OF INTERACTION EFFECTS

Comparison of Free-Field and Foundation-Level Structural Motions

A simple investigation of kinematic and inertial interaction effects can be made by
comparing indices of free-field and foundation motions. Shown in Fig. 4 for free-field and
foundation-level motions at ‘A’ sites are (a) peak horizontal accelerations and (b) 5%-damped

spectral accelerations at the flexible-base period of the structure (T). The T values were
established from system identification analyses. Second order polynomials are fit to the data in
Fig. 4 using linear regression.




The data in Fig. 4 indicate that peak foundation-level accelerations are de-amplified relative
to the free-field, especially in embedded structures. Earlier studies utilizing smaller databases

had similar findings (e.g. Poland et al., 1993). Conversely, spectral accelerations at T for
foundation motions are generally negligibly de-amplified for surface foundations (open circles in
Fig. 4), and only modestly de-amplified for embedded foundations (solid dots in Fig. 4). These
different de-amplification levels at different spectral periods can be attributed to frequency
dependent kinematic de-amplification effects which are maximized at low periods (i.e. T=0),
coupled with potential contributions of inertial interaction to foundation motions for periods near

T. Asitis the spectral acceleration at T that best simply describes the ground motion
controlling structural response, for design purposes, there appears to be little useful ground
motion de-amplification on surface foundations relative to the free-field, and only modest de-
amplification on most embedded foundations (average reduction of 20%). However, as indicated
in Fig. 4(b), significant reductions on the order of 40% can occur in individual cases (typically
deeply embedded foundations).

Although significant further study is needed to more fully evaluate kinematic interaction
effects, the data in Fig. 4 suggest that for purposes of engineering design, free-field and
foundation-level motions are often comparable in amplitude. Hence, a more significant SSI
effect would appear to be the modification of structural response associated with the flexibility of
foundation support. These inertial interaction effects are examined in the remainder of this paper
through evaluations of period lengthening ratios and foundation damping factors.

Period Lengthening and Foundation Damping
System identification analyses were performed for the 57 sites considered in this study using
procedures outlined in Stewart et al. (1998). Modal vibration periods and damping ratios were

evaluated for the fixed-base (T,{) and flexible-base ('T',z ) cases. These parameters are listed in

Table 1, along with the calculated period lengthening ratio 'T'/ T, foundation damping factor

o =C- t_‘,/ (T'/ T):3 , and dimensionless structure-to-soil stiffness ratio 1/o = h/ (Vs . T) , Where h

= effective structure height and Vg = effective soil shear wave velocity.

Each site was assigned a confidence level based on the quality of available geotechnical data
and the accuracy/uncertainty associated with the identification. These confidence levels are
indicated in Table 1, with “A” indicating acceptable confidence, “L” indicating low confidence,
and “U” indicating unacceptable confidence. Unacceptable confidence is associated with one of
the following situations:




e Ul: Reliable flexible-base parameters could not be developed due to significant incoherence
between foundation and free-field motions.

e U2: The structure was so stiff that the roof and foundation level motions were essentially
identical, and hence the response could not be established by system identification.

e U3: Fixed-base (‘A’ sites) or flexible-base (‘B’ sites) parameters could neither be estimated
nor obtained directly from system identification.

e U4: Reliable parametric models of structural response could not be developed for unknown

reasons.
Presented in Fig. 5 are the variations of T/ T and {g with 1/c for sites where there is an

“acceptable” or “low” confidence level in the modal parameters. Also shown are second-order
polynomials fit to the acceptable confidence data by regression analysis, and analytical results by

Veletsos and Nair (1975) forh/r=1 and 2. Both T/ T and §0 are seen to increase with 1/G, and

the best fit lines through the data are similar to the Veletsos and Nair curves.
There is significant scatter in the data in Fig. 5, although much of this results from

systematic variations in T/ T and {j associated with factors such as structure aspect ratio,

embedment, foundation type, and foundation shape and flexibility effects. In addition, Eo is

influenced by the hysteretic soil damping (), which varies with soil type.
Results from several sites help to illustrate the strong influence of 1/ on inertial interaction

effects. The most significant inertial interaction occurred at site A46 (T/T=4 and
zo = 30% ), which has a stiff (T = 0.1 sec) cylindrical concrete structure (h=14.3 m, r=4.9 m)
and relatively soft soils (Vs = 85 m/s), giving a large 1/c of about 1.5. Conversely, the inertial
interaction effects are negligible at site A21 (T/T =1 and y ~ 0%), which has a relatively
flexible (T = 0.8-1.0 sec) base-isolated structure (h=6.7 m, r,=21.6 m) that is founded on rock
(Vs = 300 m/s), giving a much smaller 1/c value of 0.02-0.03. These two sites represent the
extremes of inertial interaction. More typical SSI effects occur at sites B14 (T/ T =114 and
zo =34%)and Al-tr (T/T =157 and Eo =15.4%). The structures at both sites are shear
wall buildings with periods of T = 0.49 and 0.15 sec, respectively, and are founded on medium-
stiff soils (Vs = 256 and 213 m/s), combining to give 1/0 =0.12 at B14 and 1/ = 0.29 at Al-tr.
The results from these four sites illustrate that both T/ T and g increase with increasing 1/c.
To examine the influence of parameters other than 1/ on SSI effects, the data in Fig. 5 were

sorted according to aspect ratio (h/rg), foundation type (piles or piers vs. shallow foundations),
embedment ratio (e/r), and lateral force resisting system by Stewart et al. (1998). The trends




resulting from these regressions are relatively weak, as the influence of the respective parameters
could not be readily isolated from each other given the limited scope of the database.
Nonetheless, some dependence on aspect ratio was found, with larger period lengthening and
smaller damping for structures with h/rg > 1 than for structures with h/rg < 1. This is consistent
with trends from the analytical models. Well-defined trends in data sorted according to the other

parameters were not identified.

CALIBRATION OF SIMPLIFIED ANALYSIS PROCEDURES FOR INERTIAL
INTERACTION

Period lengthening ratios and foundation damping factors were evaluated by the Modified
Veletsos (MV) procedure for each data set in Table 1. These factors were also evaluated by the
Modified Bielak (MB) procedure for embedded structures.

Modified Veletsos (MV) Formulation
Deviations in MV predictions of T/ T and EO relative to empirical values are shown in Fig.

6 for sites with acceptable and low confidence designations. Also plotted are best fit second-
order polynomials established from regression analyses on data from acceptable confidence sites.

For most sites, the predictions are accurate to within absolute errors of about +0.1 in T/T and

13% damping in Eo for 1/6 =0 to 0.4. The regression curves indicate no significant systematic

bias in predictions of either T/ T or zo up to 1/6 = 0.4. However, there is a downward trend in
the best fit curve for damping for 1/6 > 0.5 (beyond the range on Fig. 6) due to a significant
underprediction of zo at site A46 (1/0 = 1.5) which results from a pronounced embedment effect

at this site that is not fully captured by the MV formulation.
The results from several sites help illustrate the general findings of Fig. 6. The minimal

inertial interaction effects at site A21 (1/6=0.02t0 0.03, T/T =1 and io =~ 0% ) are well
predicted by the MV analyses, as is typical for sites with 1/6 < 0.1. The predictions are also
generally satisfactory for sites with intermediate 1/c values such as B14 and Al-tr (1/6 =0.12,
1/6 = 0.29). At these sites, period lengthenings of 1.14 and 1.57 are over- and under-predicted
by absolute differences of about 0.11 and 0.06, respectively, while foundation damping factors of
3.4 and 15.4% are underpredicted by absolute differences of 2.3 and 4.8%, respectively. The
large inertial interaction effects at site A46 (1/c = 1.5, T/ T =4.0 and {y =~ 30% ) are predicted

to within an absolute difference of about 0.4 for period lengthening, but damping is
underpredicted by an absolute difference of about 14%. With the exception of the damping
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results at site A46 (where there is a significant embedment effect), these results indicate that
predictions of T/T and zo by the MV procedure are reasonably good considering the breadth

of conditions represented in the database.

There are several noteworthy outliers in Fig. 6. When the residuals in Fig. 6 are considered
with respect to the magnitude of the observed SSI effect, the most significant outliers for period
lengthening are seen to be site A34 and several long period structures (A4, B3). The unusual
results at site A34 may be associated with erroneously high shear wave velocity measurements
(Stewart et al., 1998). The long period structures at sites A4 and B3 are founded on soft Bay
Mud soils in the San Francisco Bay Area, and were subject to negligible period lengthening (a
common system identification result for all long-period structures). The soft soils at sites A4 and
B3 lead to overpredictions of period lengthening, suggesting an error in the model. It appears
from these data that the simple single-degree-of-freedom models on which the MV and MB
formulations are based are incapable of adequately modeling SSI effects in long period structures
with significant higher mode responses.

Effect of Embedment: Comparison of “Modified Veletsos’” and “Modified Bielak”
Predictions

Plotted in Fig. 7 are deviations between analytical and empirical results for three data sets,
(1) MV predictions for buildings with surface foundations, (2) MV predictions for buildings with
embedded foundations, and (3) MB predictions for buildings with embedded foundations. As
before, the best fit curves are second-order polynomials established from regression analyses.

The regression curves in Fig. 7 indicate that T/ T is slightly over-predicted for embedded
structures (by either MV or MB), and more accurately predicted for surface structures. The
differences between MV and MB predictions are generally minor (e.g. absolute differences of
about 0.02 at A20-tr, 0.02 at A23) for typical values of 1/c (i.e. < 0.4). Atsite A46 (1/c = 1.5),
the absolute difference between the predictions is about 1.2, which is modest compared to the
empirical value of T/T =4.0.

The accuracy of to predictions by the MV methodology are comparable for surface and

embedded structures. However, there are disparities between the MB and MV g predictions

for embedded structures which increase with 1/c (e.g. absolute differences of 0.7% at A23, 1/c =
0.11; 2.7% at A20-tr, 1/0 = 0.17; 10% at A46, 1/c = 1.5). The regression curves are primarily
controlled by the shallowly embedded foundations (e/r < 0.5), which are the most numerous in
the database. For such cases, MV predictions are typically more accurate than MB predictions,
as shown by the regression curves in Fig. 7, and as illustrated by sites A20 (e/r = 0.27) and A26
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(e/r = 0.41). However, there are systematic errors in MV predictions for more deeply embedded
foundations. These errors are not surprising because only the MB formulation incorporates
dynamic basement wall/soil interaction effects into the foundation impedance function. As

shown by individual labeled sites in Fig. 7, MV predictions of 'Co are generally too low for

relatively deeply embedded structures with continuous basement walls around the building
perimeter such as A46 (e/r = 0.92) as well as A9, B12, and A16-L (e/r > 0.5). Other structures in

the database with e/r > 0.5 had negligible foundation damping (i.e. zo < 1%) which was
overestimated by both MV and MB predictions (i.e. A16-tr and B13). Hence, it appears that MB
predictions of zo are generally more accurate than MV predictions for structures with e/r > 0.5
and significant SSI effects. These differences are most pronounced at site A46, where the MB

and MV predictions of zo =27 and 17% can be compared to the empirical value of 30%.

In summary, the accuracy of period lengthening predictions by the MV methodology are
reasonably good for surface and shallowly embedded structures, and differences between the MV
and MB predictions are generally minor for 1/6 values of common engineering interest (1/0 <
0.4). Accuracies of MV damping predictions are generally acceptable for surface and shallowly
embedded structures (e/r < 0.5). For deeper embedment (e/r > 0.5), MB damping predictions are
generally more accurate. These results suggest that the dynamic basement-wall/soil interaction
modeled by the MB procedure can be important for deeply embedded foundations.

Other Effects

The adequacy of the MV/MB analysis procedures to capture the influence of factors such as
structural aspect ratio, foundation type, structure type, foundation shape, and foundation
flexibility were investigated by Stewart et al. (1998). The influence of aspect ratio and structure
type were adequately captured by the analyses.

Foundation type was found to have a minor influence on prediction accuracy, indicating that
the shallow disk foundation models provided reasonable evaluations of SSI for many structures
with pile or caisson foundations. However, many of the deep foundation sites for which this
trend was established have fairly stiff surficial soils and no marked increase in stiffness across
the depth of the foundation elements. For such cases, it is reasonable that dynamic foundation
performance would be strongly influenced by the interaction of surface foundation elements (e. g
pile caps, base mats, footings) with soil. Conversely, for several sites with pile foundations and
soft soils, the shallow foundation models were found to underpredict foundation damping.

Foundation shape effects were generally found to be minor for the structures in the database.
That is, the exclusion of correction factors by Dobry and Gazetas (1986) for shape effects did not
adversely effect the accuracy of damping predictions. Foundation flexibility effects were found
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to be significant for the only structure in the database with a stiff central core of shear walls and a
integral connection between the foundation for the walls the foundation for the remainder of the
structure. For this site (B2), corrections to the impedance function adapted from the results of
Iguchi and Luco (1982) substantially improved predictions of period lengthening.

CONCLUSIONS AND RECOMMENDATIONS

Summary of Findings
Available strong motion data suggests that foundation-level and free-field spectral
accelerations at the period of principal interest in structural design (i.e. the first-mode flexible-

base period, 'T') are similar for structures with surface foundations, and that foundation-level
spectral accelerations are generally only modestly de-amplified (averaging about 20%) for
embedded foundations. Since the free-field and foundation level ground motions therefore
appear to be comparable, this study has focused prinéipally on evaluating the effects of inertial
interaction on structural response.

Inertial interaction effects for buildings are expressed in terms of the lengthening of first-

mode period ( T/ T) and the damping associated with soil-foundation interaction (gg ).

Simplified analytical procedures for predicting T/ T and EO' include Modified Veletsos (MV)

and Modified Bielak (MB) approaches that can be adapted for a wide range of conditions.
Based on the database of 57 sites compiled for this study, the factor with the greatest

influence on T/T and ’Co is the ratio of structure-to-soil stiffness as quantified by the parameter

1/0 =h/(Vs-T). When 1/0 is nearly zero, T/T and CO values are about unity and zero,
respectively, whereas at the maximum observed value of 1/ = 1.5 at site A46, interaction effects
dominated the structural response (T /T =4 and zo = 30% ). Additional factors which can

significantly affect inertial interaction include the structure’s aspect ratio (h/rg) and foundation
embedment and flexibility. For the majority of sites in the database, other factors such as the
type of structural lateral force resisting system as well as foundation type and shape, were found
to have a relatively small influence on SSL

Recommendations
Inertial SSI effects can be expressed by a period lengthening ratio ( T/ T ) and foundation
damping factor (to ). These factors are used to estimate flexible-base fundamental-mode

parameters, which in turn are used in response spectrum based approaches for evaluating base




shear forces and deformations in structures (e.g. Fig. 2). A key finding of this research is that
these inertial interaction effects can generally be reliably predicted by the MV analysis procedure.

However, several caveats apply to this basic recommendation:

1. Inertial interaction effects were generally observed to be small for 1/6 < 0.1 (i.e. T/T<11
and EO < 4%), and for practical purposes could be neglected in such cases.

2. For structures with embedment ratios greater than 0.5, the MB methodology should be used
in lieu of MV to appropriately model the extra radiation damping contributed by dynamic
soil/basement-wall interaction.

3. Damping results for pile supported structures on soft foundation soils (Vs < 500 fps) should
be interpreted with caution, as the damping is likely to exceed the values predicted from
simplified analyses (which assume shallow foundations) due to soil-pile interaction effects.

4. Period lengthening for long-period (T > 2 sec.) structures with significant higher-mode
responses is negligible and can be neglected.

5. Corrections to rocking damping values for foundation shape effects are generally small and
can be neglected without introducing significant errors.
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Table 1: Compilation of first-mode parameters for 'A' and 'B' sites

Transverse Longitudinal
@ — - T’; -~
% Station Eak.| < f % € (B%) [T |Te L A B B TG |Tu|Te T 5 . % §
s 2 (i) § (i) [ (sec){(sec)| ) | ) | O () | ) |(sec)|(sec)] (%) | (%) [ ©
'A' Sites
1 |Eureka Apts. [PT_Jo18] 31 [ 0 | 701 ] 51 | 57 | 42 | 0.24] 0.15] 19.6 ] 15.9] 0.29 | 1.57 ] 15.4 | 57 | 77 ] 0.25] 0.22 | 12.8 | 5.5 [ 0.20] 1.09 | 8.6 |A
2 [Fortuna Market  |[PT [0.12] 22 | 0 | 772 | 5.6 | 115]|112| 0.37 | 0.36 | 34.0 | 26.0 | 0.08 | 1.04 | 11.2 | 115 122| 0.31 | 0.29 | 39.4 | 18.0 | 0.10 | 1.08 | 25.1 | L
PTA |0.19 786 | 5.8 0.35 | 0.34 | 17.2] 15.0 | 0.08 | 1.05| 4.1 0.29 | 0.28 | 25.6 | 17.6] 0.10 | 1.03| 9.6 |L
4 |Emeryville PPP___[LP_|0.25|218| 0 | 448 | 6.8 | 87 | 94 | 2.50 | 2.45 | 13.0 | 7.4 | 0.20 | 1.02| 6.1 | 87 | 94 | 2.58 | 2.65 | 12.6 | 5.9 | 0.18 [ 1.00 | 8.9 |A
5 |Hayward City Hall_[LP_|0.05] 84 | 0 | 2210] 0.8 | 66 | 54 | 1.16 | 1.11] 3.6 | 3.5 | 0.03| 1.04 | 0.7 | 66 | 82 | 0.87] 0.85| 3.2 | 4.2 [ 0.04 | 1.03 | 0.0 [A
[ 6 [Hayward 13-St.___|LP_]0.09] 141] © 63 | 64| U3 | U3 | US| U3 | U3 | U3 | U3 |63 |64] US| U3 | Us | U3 | us | US| U3
7 |Hollister1-St. LP_0.36] 30 | 0 | 502 | 7.7 | 97 | 75 | 0.73] 0.71 | 26.9] 19.0 | 0.08 | 1.03] 9.3 | 97 | 130] U2 | U2 | Uz | U2 | U2 | U2 | U2 |A
8 |PiedmontJr.HS _ |LP_|0.08] 25 | 0 | 1820] 1.3 | 52 | 46 | 0.18 ] 0.16 | 4.8 | 2.2 | 0.09 | 1.16 ] 3.4 | 52 | 59 | 0.17 ] 0.17] 7.0 | 5.1 | 0.08 | 1.00 | 2.0 |A
9 |PVPP CGAJ0.21] 48 [ 32 | 970 | 3.2 | 53 | 37 | 0.53 ] 0.53 ] 8.2 | 5.2 | 0.09 ] 1.00] 3.0 | 53 | 77 | U2 | U2 | U2 | U2 | U2 | U2 | U2 |L
10 |Richmond CH LP_10.13] 33 | 10 | 768 | 3.7 | 75 | 54 ] 0.30 | 0.28 | 9.2 | 3.9 | 0.16 | 1.08 | 6.1 | 75 | 106] 0.27 | 0.26 | 14.4 | 1.4 | 0.16 | 1.03 | 13.1 | A
11 |SanJose3-St.___|LP [0.27] 35 | 0 | 2642] 0.9 | 86 | 68 | 0.64 | 0.67 | 20.6 | 24.8 | 0.02 | 1.00 | 0.0 | 86 | 111 0.80 | 0.66 | 20.3 | 23.6 | 0.02 | 1.00 | 0.0 |A
12 [ElCentroBidg. __ |IMP [0.24] 54 | 0 | 484 | 6.6 | 61 | 55 | 0.74 | 0.50 | 16.0 | 23.4 ] 0.23 | 1.47 | 8.8 | 61 | 69 | 1.23 | 1.25 | 33.9 | 36.6 | 0.09 | 1.00 | 0.0 |A
13 |Indio 4-5t. LD_10.09] 56 [15.5] 695 | 4.1 | 69 | 58 | 0.71 | 0.67 | 10.3 | 7.5 { 0.12 | 1.05] 3.8 | 69 | 85 | 0.66 ] 0.64 | 10.9 | 10.9 | 0.13 | 1.03 | 1.0 |A
14 [Lancaster 3-St.__|WT [0.07] 26 | 0 | 908 | 2.1 | 54 | 47 | 0.20 ] 0.20 | 13.4 | 12.4 | 0.14 | 1.00] 1.1 | 54 | 63 | U2 | U2 | U2 | U2 | U2 | U2 | U2 |A
15 [Lancaster 5-St. ___INR_|0.07] 40 | 0 | 1001] 2.5 | 99 | 83 | 0.73 | 0.69 | 10.0 | 7.5 | 0.06 | 1.06 | 3.6 | 99 | 121] 0.72 | 0.71 | 8.2 | 9.1 [ 0.06 | 1.02 | 0.0 |A
16 [Lancaster Airfield |NR _|0.08] 45 | 6 | 953 | 1.7 111.9]11.9] 0.3 | 0.27 ] 9.9 | 24.5] 0.18 ] 1.28 | 0.0 |11.9]11.9] 0.33 | 0.24 | 8.9 | 13.6 | 0.20 | 1.34 | 3.3 | L
17 [LomaLindaVA___|NR_|0.06] 50 | 0 | 1415| 3.4 | 246|248 0.29 | 0.25 | 15.0 | 5.8 | 0.14 | 1.17 | 11.3 | 246 250] 0.32 | 0.29 | 10.1 | 5.6 | 0.12 | 1.09 | 6.7 |A
18 Long Beach 7-St. |WT 10.07] 58 | 0 | 615 | 35 | 49 | 46 | U3 | U3 | U3 | U3 | U3 | U3 | U3 | 49 | 53 | 1.12| 1.14 | 5.5 | 6.5 | 0.08 | 1.00 | 0.0 |A
20 [LongBeach VA |NR_|0.07| 98 | 23 | 1143| 2.0 | 84 | 83 | 0.58 | 0.51] 3.1 | 4.6 | 0.17 | 1.13] 0.0 | 84 | 67 | 0.58 | 0.55 | 4.5 | 4.1 | 0.16 | 1.05] 1.0 |A
21 |LA2-St. FCCB  |SM [0.11] 22 | 0 |1006] 1.3 | 71 | 59 | 0.79 | 0.79| 9.4 | 133 0.03| 1.01] 00 | 71 | 88 |0.79 | 0.82 | 21.5 | 17.7 | 0.03 | 1.00] 3.9 |L
LD |0.05 1010] 1.2 0.97 | 0.98 | 14.2 ] 14.9 | 0.02| 1.00 | 0.0 090|090 18.4 | 189 002 1.00] 0.0 |L
NR |0.32 981 | 1.7 0.92 | 0.95 | 34.4 | 40.1 | 0.02 | 1.00| 0.0 0.83 ) 0.84 | 33.4 | 39,5 | 0.03 | 1.00{ 0.0 JL
22 |LA 3-5t. Bidg. NR_|0.28] 46 [22.5| 980 | 5.9 | 130]128] U1 | U1 | UT | U1 | UT | U1 | U1 |130]134] U1 | UT | U1 | U1 | U1 | UT | UT L
[23 |LA 6-St. Bldg. ___NR_|0.25] 56 | 14 530 ] _753% 21.4]20.6] 0.89 | 0.82 | 5.5 | 6.9 | 0.11 | 1.08 | 0.0 |21.4]22.7] U3 | U3 | U3 | U3 | U3 | U3 | U3 |A
24LAG-StGarage INR 455 40 { o |eww) s2w] 159 154] 052 | 051 | 6.6 | 6.1 | 0.09] 1.04| 1.1 | 54] 47| 0.4a] 0.28] 6.1 | 65 | 023 1.60] 45 | A
25 |LA 7-St. Hos. LD |0.04[ 68 [ 0 [1148] 1.2 [ 110|110 1.14 | 1.18 | 11.6 | 121 ] 0.05 | 1.00 | 0.0 [ 110|110 1.09 | 1.11 | 10.1 | 131 [ 0.05 | 1.00| 0.0 |A
NR |0.49 1065| 2.5 1.19 | 1.27 | 27.1 | 20.3 | 0.05 | 1.00 | 0.0 121|119 211 | 28,0 0.05 [ 1.01| 0.0 |A
26 |LA 7-St. Bidg. NR_|0.47] 66 |13.5| 548 | 7.6 | 33 | 30 | 0.66 | 0.63 | 9.2 | 16.1 ] 0.19] 1.04 | 0.0 | 33 | 37 | 1.04 | 1.09] 7.0 | 115 0.11 | 1.00 | 0.0 | L
27 [LA15-St. Bidg.  |LD [0.03[174| 0 | 1161 1.2 | 131[110] 3.15 | 3.20| 3.9 | 30 | 0.05 | 1.00 | 1.0 | 131] 161|309 |3.10| 2.1 | 1.8 |[0.05] 1.00| 0.3 |A
NR |0.19 1120] 2.0 312 | 320] 85| 28 | 0.05] 1.00] 5.6 307 |309| 88| 2.0 |005} 100 68 |A
28|LA 19-St.Bidg. [NR 0.28] 220] 38 | 980 | 5.9 | 92 | 76 | 3.24 | 3.45] U1 | U1 | 0.07 | 1.00] U1 | 92 |113| 3.72 [ 3.89] U1 | U1 |0.06 | 1.00 [ U1 [A
29 [LA Hollywood SB |WT [0.21] 96 | 9 | 930 | 2.8 | 59 | 42 | 1.80 | 1.77 | 91 | 54 | 006|101 | 39 | 659 | 86| Ua | U4 | U4 | Ua | U4 | U4 | U4 |L
NR |0.39 879 | 4.4 2.10 | 2.05 | 183 | 15.4 | 0.05 | 1.02] 3.9 080]075| 80| 85 [015]1.06] 0.9 |L
30 |LA Wadsworth NR_[0.25] 78 | 17 | 981 | 6.3 | 189] 199 1.00 | 0.92| 9.3 | 9.3 | 0.09] 1.08] 1.9 J189]199] U3 | U3 | U3 | U3 | U3 | U3 | U3 |A
31 [NewportBeach  |LD [0.04] 94 | 0 |1009| 2.3 | 61 | 52 | 0.84 | 0.70 | 47 | 29 |0.13]| 1.19| 3.0 | 61 | 74 A
NR 0.11 969 | 3.2 0.86]075] 3.2 | 85 |0.13]1.16] 0.0 077{067| 39| 4.4 J014]1.14] 09 |A
32 |Norwalk 12400 [WT [0.23] 70 |13.5] 730 | 6.8 | 93 | 83| U3 | U3 | U3 ] U3 | U3 | U3 | U3 | 93 | 106] 1.48 | 1.54 | 9.6 | 8.5 | 0.06 | 1.00 | 1.1 |A
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33 |[Norwalk 12440 WT 1023 72| 15| 794 | 7.3 | 142|105} 1.32| 1.32| 20 | 1.8 | 007 | 1.00| 0.2 |142§195| 1.20| 1.22| 3.5 | 3.0 | 0.07 | 1.00 | 0.5

NR_|0.08 906 | 4.0 128 |1 1.30f 63 | 49 [ 0.06{1.00] 14 120 ] 122 | 46 | 3.4 | 007100 1.2
34 |Paimdale 4-St. NR ]0.08] 24 | 0 11575] 1.7 1 69 | 49 | 020 0.12{ 185|241 10.12 ]| 1.66 | 13.1] 69 {100/ 0.20 | 0.16 [ 124 | 49 [ 009 | 1.22} 9.7
35 |Pomona 2-St. WT 10.06| 28 [10.5/ 1246| 1.6 | 59 | 57 | 026 | 025| 87 | 55 | 009 | 1.02| 3.6 | 59 | 63 [ 027|026 | 58 | 86 | 0.09| 1.02| 0.0
UP _]0.21 1178} 3.2 0291029] 9.2 | 49 [ 0.08[1.01] 44 0.30 ] 0.30 | 11.2 ] 12.1 [ 0.08 | 1.00 | 0.0
36 |Pomona 6-St. UP 10.21| 53 1251148 31 |50 |43 | Ut J Ut J Ut furJurt [urfut|sojsof| ut|ut | ut]|ut]ut}ul U1
LD j0.07 1188 ] 2.2 1.26 | 1.07] 9.3 | 134 ] 0.04 ] 117} 1.0 1201087 | 98 | 95 1 0.05] 139 ] 6.2
37 |Rancho Cuc. LIC |RD |0.04]| 56 | 14 { 1172 1.4 J120| 87 [ 060|059 | 43 | 3.7 [ 0.08] 1.03| 09 ]120]170| 060 | 0.60| 5.6 | 4.2 [ 0.08 | 1.00 | 1.4
WT {0.06 1157 1.7 065[063| 44 | 5.0 | 0.08 1.02| 0.0 066 | 0.65| 84 | 61 | 007 | 1.01] 25
UP |0.24 1060 45 0761077 47 | 78 | 0.07 | 1.00| 0.0 0.75] 077 | 60 | 67 | 007 | 1.00 | 0.0
LD ]0.11 1039 44 0.87]085| 112|125 0.06| 1.01 | 0.0 089| 087|172 174|006 | 1.02| 0.9
NR 10.07 11141 2.8 076 1 0.75] 46 | 6.9 ] 0.07]1.02] 0.0 081]079] 75 | 89 {006f102| 0.0

. 883 | 38 1 78 | 77 ]os56]052| 6.2 | 72 |006]1.07| 04 | 78 | 80 | 057 | 0.55] 7.6 | 109 0.06 | 1.03| 0.0
39 |San Bem. 5-St. NR _|0.07] 52 1233| 26 J 95 | 86 J063 | 065 9.1 | 52 ] 0.06 | 1.00] 3.9 | 95 |107{ 050051 ] 75 | 62 | 008|100} 1.3
40 |San Bem. 9-St. LD jo.10] 74 848 | 34 |1 55]52|201]201] 50| 6.8 ]004]1.00] 00 | 55]59)205]208]| 74 | 60 )004}1.00] 1.3

38 |San Bern. 3-St. LD 1009] 29 ] O
13
0 A
41 ISan Bem. CGC NR |0.04] 38 | 0 [1011]| 2.4 |114]114] 051|051 ] 26 | 3.4 1 0.07 | 1.01] 00 J114/114]/093]0.91 | 45 | 40 1004} 1.02] 0.7
0
16

| 42 [Santa Susana NR |0.28]| 91 4460| 1.0 §23.5!/20.5] 0.54 | 0.53 ] 19.1 ] 15.1 | 0.04 | 1.02 | 4.9 J23.5{27.6] 0.54 | 055 | 11.4| 83 ] 004} 1.00 [ 3.1
43 |Seal Beach 8-St. !LD 0.05} 83 933 | 26 J103| 90 | 1.28 | 1.26 | 11.5] 132 | 0.07 | 1.02| 0.0 | 103|121 1.16 | 1.12| 13.7 | 16.2 | 0.08 | 1.04 | 0.0

NR_]0.08 911 | 3.3 i21]118] 66 | 71 | 0.08]1.03] 0.0 1091106 91 | 87 1009 1.03]| 1.1
44 }Sylmar Hos. WT |0.05| 63| 0 [1506] 1.9 [126[132] 0.30 | 0.27] 9.1 | 99 | 016 | 1.10| 1.7 }126[132[ 029 0.25| 95 | 86 { 0.17 | 1.17 | 4.1
NR 10.84 1119) 9.1 0.3810.37118.9]194]10.15] 1.04 | 1.7 0.34 | 0.26 | 234 | 175 0.21 [ 1.29 | 15.2

45 |Ventura 12-St. NR J0.06] 69 | o | 886 | 28 | 62 | 47 | 071 ] 053] 40 | 57 ] 0.15]1.34] 16 | 62 | 83
46 |Lotung Reactor JLO7 10.11] 47 | 15 | 275 | 9.7 |16.3]/18.3}] 0.49 ] 0.12 | 306 { 3.0 | 1.45 | 4.14 | 30.6 | 16.3{16.3] 0.45 | 0.11 [ 31.0| 3.0 | 1.54 | 4.01 | 31.0
'B' Sites

>3 2122|2222 |>] 2> ]{> >|> >|r|>|>|ir|r]> > > > >|r > Pie|> >

1_{Milpitas 2-St. LP_10.14| 26 | 0 | 649 | 41 | 6.4 1109/ 0.25]0.24 | 15.3| 21.9 ] 0.17] 1.06 | 0.0
2 |San Bruno 9-St. LP_ 1011/ 66| 0 | 916 | 36 ] 721 59 | 1.10] 0.97] 125 11.4] 0.07 | 1.13] 4.7
3 {San Fran. 47-St. LP ]0.16] 414 27 | 478 | 43 | 86 ] 80 | 5.16 | 5.03 | U4 U4 | 0.17 | 1.03 | U4
4 |SanFran. Trans. |LP ]0.12/1475] 51 [ 801 | 59 } 98 | 99 | U3 | U3 | U3 | U3 | U3 | u3a | us
5 [San Jose 10-St. LP_]0.12| 61 0O | 768 ] 41 |1 65| 49 |048}029] 6.7 | 186 ] 0.27 | 1.64| 25
6 |San Jose 13-St. LP ]0.10{109|135] 725 | 35 | 83| 84 | 2.16 ] 2.13] 1.0 | 1.3 | 0.07]1.01] 00 | 83 | 84 | 2.19 | 2.17]| 2.8 | 22 | 0.07 | 1.01 | 06
7 |Walnut Crk 10-St _JLP _0.10] 89 | 14 [ 1405] 1.2 | 32 | 26 [ 0.77] 0.66 ] 6.6 | 13.3] 0.10 ]| 1.17] 0.0
9 |El Segundo 14-St. INR ]0.13[ 114] 0 [ 899} 4.1 1 69 | 64 | U3 U3 U3 | U3 U3 U3 U3
10 |LA 9-St. NR |o0.16] 89 | 13| 878 | 3.7 |50 ] 38 [ 1.25}1.25] 10.3| 7.8 | 0.08 ) 1.00] 2.5 | 65| 67 | 1.06 | 1.04 | 11.5] 13,0 0.10] 1.03 | 0.0
11 |LA 17-St. LD }0.04| 91 0 |1190] 09 | 76 |35.2|/ 096} 085| 41 | 34 | 009 | 1.13} 1.7
NR ]0.26 1140] 1.4 105}090| 49 | 39 [ 009] 1.17}| 25
12 |LA 32-St, NR 10.111300] 54 | 1339] 1.2 1 93] 91 | 194|184 76 ] 7.1 |o012]1.06] 1.7 | 93] 97 | U3 U3 U3 U3 | U3 U3 U3
13 |LA 54-St. NR ]0.14] 414|57.5] 1317 3.4 | 96 | 87 | 581 5.70| 7.7 | 15.0] 0.06 | 1.02 | 0.0
14 [Whittier 8-St. NR |0.1 7I48 0 | 842 | 3.2 | 64 |28.5] 056|049 ]| 121]129]0.12 | 1.14] 3.4
h=effective structure height = 0.7 - full height U1-U4 denote unacceptably low confidence results that are unreported * Lateral force resisting systems:
e= embedment depth A, L denote acceptabie and low confidence in results, respectively SW = shear wall, masonry or conc.
Vs= soil shear wave velocity blank entries = insuffiencient strong motion data to evaluate modal parameters DWF = dual wall/frame system
B = soil hysteretic damping Iy, fs =foundation radii matching area and moment of inertia of actual foundation CF = concrete frame
Vs and [3 evaluated from soli profiles in Stewart (1997) 1fo=h/ (v o0 T) SF = steel frame
Earthquakes: CGA=Coalinga Aftershock, IMP=Imperial Valley, LD=Landers, LP=Loma Prieta, LO7=Lotung Event 7, NR=Northridgs, Bl = base isolated

PT=Petrolia, PTA=Petrolia Aftershock, RD=Redlands, SM=Sierra Madre, UP=Upland, WT=Whittier
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Fig. 1:  Simplified model for analysis of inertial interaction
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Fig.2:  Schematic showing effects of period lengthening and foundation damping
on design spectral acceleration using smoothed spectral shape. Sa can
increase or decrease due to SSI.
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DYNAMIC RESPONSE OF SOIL-PILE-BUILDING INTERACTION
SYSTEM IN LARGE STRAIN LEVELS OF SOILS

By Shin’ichiro Tamori', Masanori [iba’ and Yoshikazu Kitagawa®

ABSTRACT: A series of shaking-table tests of a scaled soil-pile-building model were performed
in order to study the effects of the plastic deformation of soil on dynamic characteristics of the soil-
pile-building interaction system. Results showed the natural frequency and amplification factor
decreased by 40% and 60%, respectively, when shear strain of soil was 4.2x10% Dynamic response
analyses, which combined the Sway-Rocking model and an equivalent linearization method, were
done. The maximum acceleration of the building was underestimated when amplitude of input
motion was 600 cm/s?, because the amgplification factor of the rocking motion were overestimated
in this case. This facts was caused by underestimation of the damping effects for the rocking

motion of the foundation.

INTRODUCTION

When designing a building, it is important to evaluate
earthquake performance of a building including non-linear
soil-building interaction effects during an earthquake. Many
method(Novak and Sheta 1980; Darbe and Wolf 1988;
Motosaka et. al.1992, etc.) have been proposed to evaluate
the effects, but they are too complex for a practical design
process. In the practical designing of a building, analytical
methods should be simple so that , for example, an
equivalent linearization method, like SHAKE(Schnabel et. al.
1972), have been used frequently to evaluate ground response.
But, in the case of the non-linear soil-building interaction
system, the accuracy of the method had not been tested
enough. _ :

In this study, a series of shaking table tests were done in
order to evaluate the effect of plastic deformation of soils on
dynamic characteristics of soil-pile-building interaction
system. Dynamic response analyses, which combined Sway-
Rocking model and an equivalent linearization method, of the
tests were also done to evaluate the accuracy of this analytical
method.

PLASTIC MATERIAL FOR GROUND MODEL

Plastic material for the artificial ground model used in this
study was made of Plasticine and oil. Plasticine , being a
mixture of calcium-carbonate and oil, has been used as a
model material for plastic deformation processing of steel,
since it has restoring force curves similar to high-
temperature steel( Cook 1953).

Fig. 1 shows the soil characteristics, strain-shear modulus
and strain-damping factor relationships for actual clayey
soils and Plasticine, which is the plastic soil material used
in this shaking table tests.

! Associate Prof. , Department of Architecture and Civil
Engineering., Faculty of Engineering., Shinshu University,
Nagano, Japan.

2 Head, Geotechnical Div., Structural Department., Building
Research Institute, Ministry of Construction, Tsukuba, Japan.

3 Professor, Department of Structural Engineering., Cluster IV
Faculty of Engineering.,, Hiroshima University, Higashi
Hiroshima, Japan.

The initial shear modulus, G, (strain being 1.0 x 10%),
shear modulus at large strain levels, G,, and damping factors,
h,, were obtained by tri-axial compression tests in which
ambient stress were kept at 1.0 kg/cm? and exciting frequency
was 1.0Hz. The shear modulus and damping factor of the
plastic soil material, Plasticine, has strain dependency similar
to those of actual clayey soils.
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Fig.1 Soil characteristics




OUTLINE OF SHAKING TABLE TESTS

The similarity which proposed by Buckingham was used in
modeling the building and the ground soils. The scale factors
calculated from this formula are summarized in Table 1.

This similarity is applicable to non-linear soil dynamics
when the soil model material has a shear modulus-strain and a
damping factor-strain relations similar to those of the
prototype(Kagawa 1987). Under these conditions the ratio of
shear forces in the model and the prototype were kept
approximately equal to that of the damping forces for wide
strain levels of soil.

Fig. 2 shows a outline of the building and the ground model
together with the location of the measurement apparatus.
Two dwelling units of 11-story buildings were modeled in the
transverse direction. Table 2 shows the natural frequency and
damping factor of the building model. The building model was
made of steel weight and it’s columns were made of steel
plates. The building foundation was made of aluminum and
acryl plates. Four cylinder-shaped( ¢ 38mm, length is 487mm)
pile models were made of steel plate attached with rubber,
they were set at the corners of the foundation.

The ground model has a block shape and its size is
2x1.46x0.6m. Stainless plates were set at both side ends in
transverse direction of the ground to prevent vertical motion
of the ground. The central part( ¢ 800mm, depth is 387mm) of
the ground model was made from Plasticine and oil. The
remaining portions of the model were composed of
polyacrylamid and bentnite, and remained elastic throughout
the tests. Table 3 shows characteristics of the ground.
Damping factors were obtained by a frée torsional vibration
test and shear wave velocity was obtained by the P-S wave
propagation tests.

Two, earthquake records in which the time length was
corrected according to the similarity were used for the input
ground motion: 1968 Hachinohe EW and 1940 El
Maximum acceleration of the input motions were set as 100,
300 and 600 cro/s? on the shaking table.

Table 1 Similitude ratios

Item Ratio(Model/Prototype)
Soil Density kgf/cm® 1/ 7 1
Length cm 1/ 1 1/40
Acceleration  cm/s? 1 1
Displacement cm 1./ 2 1/40
Mass kgf.s?>/cm 1/n 13 1/6.4X10°
Shear Modulus  kgf/cm?® 1/ 7 % 1/40
Frequency 1/s J2 6.325
Velocity cm/s 1./ 2 1/6.325
Stress kgf/s? 1/ n A 1/40
Strain 1 1
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Table 2 Characteristics of building model
. o Characteristics
Foundation Building of fixed base building
Size | Weight | Height | Weight | Maordl Damping
Teq. Factor
(cm) (kef) (cm) (kgf) (Hz) (%)
30
X 6.79 78.7 284 18.8 0.22
30
Table 3 Characteristics of ground model
Upper layer
Lower layer
Item (GL~GL-45cm)
~6
Center Edge (GL-45~60cm)
Vs(m/s) 23.7 184 36.0
Damping factor(%)* 6.63* 5.57 6.05
Deunsity(gf/cm’) 1.57 1.17 141
*Strain level is 3.6 X107




RESULTS OF THE TESTS

Fig. 3 shows first natural frequency estimated by spectral
ratios of BH6/SH5 (see Fig. 2) . The shear strain shown in
Fig. 3 is maximur strain that calculated from displacement at
BH1, CH3 and CH4.

Fig. 4 shows the amplitude of the spectral ratio at the
natural frequency. The natural frequency was decreased by
40% and the amplitude of spectral ratio was 60% at most
when the shear strain of soil was 4.20x102
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Fig. 3 Natural frequency versus shear strain of soil
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Fig. 4 Amplification factors versus shear strain of soil

THEORETICAL MODEL

The theoretical mode! employed in this study was the Sway-
Rocking(S-R) model, and an equivalent linearization method
was used for dynamic response analyses. Dynamic stiffness
and the damping factor for sway and rocking motion were
calculated as follows:

(1) Dynamic stiffness and damping factor of piles for
horizontal and rocking motion proposed by Novak and

Nogami (1977) were employed.

(2) Dynamic stiffness and damping factor of piles for vertical
motion were calculated by the D.G.C.(Kobori et. al. 1970)
of the rigid plate, which has same cross section of the pile.
Vertical stiffness of a end bearing pile, which was
obtained by a wave propagation theory(Nogami and
Novak 1976), was significantly larger than those obtained
by the D.G.C,, so that we neglected the stiffness of the end
bearing pile.

(3) Dynamic stiffness and damping factor of the bottom of the
foundation was calculated by the D.G.C.

In this study, the dynamic stiffness of the soil-pile-
foundation system was calculated by the sum of the dynamic
stiffness of the piles and that of the bottom of the foundation.

The equivalent linearization method was employed in order
to consider plastic deformation of soils. Soil stiffness,
damping factor and strain of soil were determined as follows:

Shear modulus, G, and damping factor, h,, of the soil were
determined by the tri-axial compression tests according to the
following equation modified by the Hardin-Drnevich
model(Hardin and Drnevich 1972):

G, _ 1.01 o)
G, 1+ 0.96(r,/0.002072 )'**
h, =0.035 +0.145(1~ G, /G,) )]

Where G, is the initial shear modulus and 7 , is shear strain
of the soil.

Strain of the soil caused by wave propagation, 7 y.,. was
estimated by displacement at SH3, SH4 and SHS. Soil strain
caused by the foundation was estimated from the maximum
relative displacement of the foundation, u, g,,, as follows:

Displacement of soil at depth z, uy(z), was assumed to be
determined by eq. (3).

B ©)
R TN S
where B, is a constant, b and ¢ are the width of half the
foundation in the vibration and ftransverse direction,
respectively. '

This formula was proposed by Kobori et. al.(1972)

By averaging the strain from z = 0 to H, considering energy
caused by the displacement, w(s), the equivalent maximum
strain of the soil caused by displacement of the foundation,

7 pases DECOMIES ,

Vi = \/gﬂl—(———d“;z(z))’dz @

where H=1b.

Equivalent shear strain of the soil, 7 ., which has
determined soil stiffness and damping factor, is

7 g~ 0.7 or 1.0( Toaset 7 wave) (5)




RESULTS OF ANALYSES

Figs. 5, 6 and 7 show spectral ratios , where input motion
was Hachinohe EW. In these figures, UR is rocking motion
at the top of the building and UH is relative deformation of the
building. Ratio of the equivalent strain divided by maximum
strain was set to 0.7 in this case(see. eq.(5).) Fig. 8a shows the
first natural frequencies detected form spectral ratio of
BH6/SHS (see Fig. 2) and 8b shows amplification factors,
which are the amplitude of the spectral ratio at the first natural
frequency. Fig. 8c shows maximum acceleration and 8d shows
maximum shear strain of the soil beneath the foundation.

As shown in Figs.8a~8d, difference in natural frequencies
by the test and by the analyses were within about 20%. For
amplification factor and maximum acceleration, the difference
became 30%. When the maximum input acceleration was 100
cn/s%, the amplification factor was overestimated(see Fig. 5a
also). Figs. 5a ~5d show that transfer function of rocking
motion was overestimated. When the maximum input motion
became 600 cm/s? , the amplification factor and maximum
acceleration at BH6 were underestimated by the analysis.
From Fig. 7b , this fact was caused by underestimation of the
amplification factor of the rocking motion.

So when maximum acceleration of the input motion was
100 cm/s’, the damping effects of the rocking motion were
underestimated and when the maximum acceleration was 600
cm/s?, the effects were overestimated.

Figs. 9a~9c show comparisons of maximum acceleration
at the model building by the tests and analyses. When
maximum acceleration of input motion was 600 cm/s? the
maximum acceleration at the upper part of the building was
underestimated by the analysis.

Figs. 10~13 show results, where input motion was El
Centro NS. In this case, ratio of the.equivalent strain divided
by maximum strain was set to 1.0. We have done tests by
using Hachinohe EW first, and then by using El Centro NS.
So, this ratio may be affected by the order of the test. As
shown in Figs. 3 and 4, the maximum shear strains beneath the
foundation for Hachinohe EW is as twice as those for El
Centro NS. So, In the case of El Centro NS, the soil had
already experienced strain level lager than that occurred
during the test.

As shown in Figs. 13a and 13b, difference of natural
frequency, according to the tests and the analyses were within
10% and, for amplification factors, the differences were within
25%. Results of maximum acceleration of BH6 and of
maximum shear strain by the analyses were in agreement with
those of the test. The amplification factor was overestimated
when maximum input motion was 100 cm/s*(see Fig. 10a) and
was underestimated when maximum input motion was 600
cm/s” (see Fig. 12a). This was caused by the difference of
damping effects of rocking motion by the analyses and those
by the tests also in this case (see Figs. 10b and 12b).

Fig. 14 shows a comparison of maximum acceleration of
the building by the tests and analyses. In this case, results by
the tests and the analyses agree well.

CONCLUSION

This study involved performing shaking table tests on elasto-

plastic soil material to investigate the soil-pile-building

interaction system in large strain levels of soils. Dynamic

analyses of the test, which incorporated Novak’s and Kobori’s
method and an equivalent linearization method were used to
determine dynamic stiffness of foundation and piles.

Results of the analyses were as follows;

(1) Ratio of equivalent strain divided by maximum strain was
set from 0.7 to 1.0. It must be changed by the order of the
tests or character of input motion. Difference in natural
frequency obtained by the analyses were within 20% and
those of maximum acceleration were within 30%.

(2) Transfer functions for the rocking motion at the natural
frequency was overestimated when maximum acceleration
of input motion was 100 cm/s® and those were
underestimated when maximum acceleration of input
motion was 600 cm/s%. In conclusion, the method used to
evaluate the damping effects of the rocking motion should
be reconsidered in order to improve the accuracy of the
analyses.
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Abstract

Accurate representation of soil-structure interaction (SSI) effects is a crucial part of
earthquake engineering analysis. The SSI model must be robust enough to capture
nonlinear 3D effects, as well as accommodate the spectrum of frequencies of interest to the
analyst. This paper investigates the potential of standard nonlinear finite element (FE)
procedures for 3D analysis of SSI systems. The analysis uses the Lotung Large-Scale
Seismic Test (LSST) problem as a case study. Nonlinear ground response is a ubiquitous
feature of the soil behavior in Lotung; thus the analysis utilizes a direct method in which the
entire soil-foundation-structure system is modeled and analyzed in a single step.

1. Introduction

Ground motions are generally influenced by the presence of structures, and structural
motions are in turm influenced by the compliance of the supporting subsoils. These
coupling phenomena are due to soil-structure interaction (SSI) effects, which are absent
when the structure is founded on solid rock with extremely high stiffness. Dynamic
analysis of SSI effects requires varying levels of rigor depending on the type of analysis
(linear or nonlinear) and geometrical contraints (2D or 3D). In general, the computational
challenge lies in modeling nonlinear effects in a general three-dimensional setting. This
paper discusses the performance of a standard nonlinear finite element (FE) program, called
SPECTRA, for 3D analysis of SSI systems.

Inclusion of nonlinear effects in SSI analysis eliminates the convenience offered by the
principle of superposition, which allows a separate treatment of inertial and kinematic
interactions before obtaining the combined response. Instead, nonlinear analyses are best
carried out by direct method, which entails modeling and analysis of the entire soil-
structure system in a single step. Section 2 describes some computational issues and
challenges relevant to a faithful modeling of SSI effects, as well as discusses some aspects
necessary for selecting a sound framework for nonlinear FE analysis by direct method.

In Section 3 we report the performance of a standard (implicit) nonlinear FE program,
SPECTRA, for estimating the ground response in Lotung incorporating SSI effects. The
type of analysis pursued is based on elastoplastic modeling with deviatoric plasticity under
the assumption of infinitesimal deformation. The solution is based on a total stress
formulation in which the soil solid and fluid are assumed to move as one body (undrained
condition). The Lotung Large-Scale Seismic Test (LSST) problem has been selected as a
prototype case study because of the relevance of its design to the goals of accurate SSI
modeling.

2. Framework for nonlinear SSI analysis

We consider an analytical platform for nonlinear SSI analysis embodied in a time-domain
FE model. The global iterative solution strategy is Newton-Raphson iteration with line
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search, but the technique should also be able to accommodate quasi-Newton, modified
Newton, and even PCG-based equation solving techniques (each technique has its own
strengths and limitations). The specific platforms for each of the model components are
outlined and described below.

2.1. Constitutive model and stress-point algorithm. We seek a constitutive model that best
describes the material response. Models based on plasticity theory are on top of the
author’s hierarchical list. The stress-point integration algorithm must be at least first-order
accurate and unconditionally stable. This is achieved with the use of standard implicit
return-mapping algorithm in computational plasticity. Explicit stress-point integration
algorithms for elastoplasticity are unacceptable---they simply create unnecessary stability
problems and are not accurate enough for large load steps. Hypoplasticity models rank
next on the author’s list of hierarchical models. Unconditionally stable stress-point
algorithms are also available for this class of model and must be utilized whenever
possible. Regardless of the type of model, the stress-point integration algorithm must be
linearized consistently as there is so much efficiency to be gained by using the consistent
tangent operator.

2.2. Finite deformation model. A finite deformation theory based on multiplicative
plasticity and implemented using product formula algorithm is on top of the author’s
hierarchical list. This formulation has considerable advantage over the conventional
hypoelastic formulation. In the first place, there is no question as to what objective stress
rate must be used (Jaumann rate, Green-Naghdi rate, etc.), and so problems associated
with the use of the Jaumann stress rate, for example, do not exist. Furthermore, the model
has a hyperelastic basis which imposes no restriction on the elastic strains (unlike the
hypoelastic formulation which requires that the elastic strains be small). Finally, the
product formula algorithm can accommodate the standard return maps of infinitesimal
plasticity without loss of objectivity under rigid-body rotations. Quite recently, the author
has implemented the proposed technique in a nonlinear consolidation FE code, and the
results are very encouraging (Borja et al. 1998).

2.3. Time-integration algorithm. The classical Newmark family of algorithms has become
the backbone feature of many structural dynamics FE codes over the years, and has indeed
performed quite successfully in the geometrically linear case. Quite recently, this algorithm
has been found to fail to conserve energy and total angular momentum for the geometrically
nonlinear case. This result has a profound impact on the development of robust
mathematical models since conservation laws play a central role in classical mechanics; in
particular, conservation of angular momentum is crucial in motions with significant rigid-
body rotation, such as structures undergoing rocking motion. The impact of this discovery
on SSI research remains largely unexplored. Simo et al. (1992) have suggested time-
stepping algorithms that conserve energy and total angular momentum for general nonlinear
Hamiltonian systems, but this class of algorithms remains untested for earthquake
engineering analysis applications.

2.4. Liquefaction model. The problem of lateral flows and liquefaction-induced large
ground movement of saturated soils during and following an earthquake is a subject of
considerable importance in SSI modeling. Models based on Biot’s two-phase mixture
theory and cast within the finite deformation model are possible, as described in Sec. 2.2.
The constitutive model should be capable of replicating hysteretic volume change behavior
to allow pore pressure buildup. Pore pressure buildup and the attendant liquefaction
phenomena have profound impacts on the responses of soil-structure systems.

2.5. Strain localization model. A problem not typically covered by the standard finite
element approximation is strain localization, particularly in the soil medium. Strain
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localization effects are particularly important in simulating cracking of concrete, shear
banding in geomaterials, and structural collapse. Traditionally, cracking and softening
were treated as a constitutive response, although strictly speaking, they are a structural
response (see review by Read and Hegemier 1984). The SSI model should be robust
enough to accommodate strain localization as a structural response, and to allow modeling
of damage, limit states, and collapse.

An ideal FE analysis code must accommodate the above features, among others, or a
faithful simulation of the SSI phenomena is not possible. Although developing a package
with all of the above features is difficult, it is possible to include at least some of the most
important SSI aspects in the analysis. To illustrate the rigors of a 3D nonlinear FE analysis
of SSI phenomena, the next section describes a FE modeling of a soil-structure system in
Lotung, Taiwan, as it responded to the earthquake of May 20, 1986.

3. SSI analysis of Lotung LSST problem

Lotung is a seismically active region in northeastern Taiwan, and was the site of two
scaled-down nuclear containment structures (1/4-scale and 1/12-scale models) constructed
by the Electric Power Research Institute, in cooperation with Taiwan Power Company, for
SSI research (Tang et al. 1990). The local geology at the test site has been established
from shear wave velocity and field boring tests. On May 20, 1986, a strong earthquake,
denoted as the LSST7 event, with magnitude 6.5, epicentral distance of 66 km, and focal
depth of 15.8 km shook the test site. Two downhole arrays located approximately at 3 m
and 49 m from the edge of the 1/4-scale model, herein called DHA and DHB arrays,
respectively, recorded the.downhole motions at depths of 0, 6, 11, 17, and 47 m (Fig. 1).
In this paper, we will analyze the downhole motions recorded by both arrays using a
nonlinear FE code SPECTRA.

DHB
T 14SCALE 5,
MODEL % 457 m
N 30.48m N —>» N
FA1 BHA -
¢ 1 457m—| 19'“11m Jem
_1601m | 1 17m _{5m
1/4-SCALE 6.01m 10.52m L _em
—1-305m
MODEL ¢ DHA—=322
3-COMPONENT 30m
FA3 </ ACCELEROMETERS

(@) ®

Figure 1. Location of surface and downhole instrumentation, LSST site: (a) plan; (b) elevation.

For purposes of 3D analysis, a full-scale FE model for the 1/4-scale structure and
foundation is shown in Fig. 2. Array DHB is located at the edge of the mesh, while array
DHA is located approximately 3 m from the edge of the structure. Both arrays are located
along the northern arm, as indicated in the figure (see also Fig. 1). The mesh consists of
4,320 eight-noded trilinear brick elements, with a total of over 13,000 degrees of freedom.
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Free-field motions are applied at the bottom and side boundaries. Before a full SSI
analysis can be carried out, it is necessary that the input free-field motions be first
determined. In the following we describe a numerical model for generating the input free-
field ground motion consistent with the SSI model for the Lotung problem.
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Figure 3. FE mesh for nonlinear ground response analysis: (a) soil column model; (b) stick FE mesh.

The input free-field motions are generated by the same FE code assuming the case of
vertically propagating waves. Fig. 3 shows a FE mesh consisting of column and stick
elements representing the 47-m deep soil column. The special element shown in Fig. 3(b)
has been included in the library of the code SPECTRA specifically for nonlinear ground
response analysis. The vertical discretization of the soil layer is consistent with the full 3D
mesh of Fig. 2. Each stick element contains 3 DOFs at the nodes: two horizontal and one
vertical. The constraints imposed by the condition of vertically propagating waves are that
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the two normal horizontal strains as well as the shear strain on the horizontal plane must be
equal to zero, and that for the general nonlinear case the three kinematical components of
motion must be coupled. Previous studies suggest that the angle of incidence of the
seismic waves during the May 20, 1986 event is only around 6 degrees relative to the
vertical direction (Chang et al. 1990), which justifies the simplifying assumption of
vertically propagating waves.

The soil in Lotung is modeled using bounding surface plasticity theory with a vanishing
elastic region in which the hardening modulus is interpolated by an exponential hardening
function (Borja and Amies 1984). The material parameters for this soil include the elastic
bulk and shear moduli as well as the exponential hardening parameters, which have been
determined for the Lotung soil from shear and compressional wave velocity profiles as well
as from moduli ratio degradation curves available for the LSST site. Details of how the
model parameters have been determined for the LSST site are described by Borja et al.
(1998) and Borja and Lin (1998).

Figures 4, 5 and 6 show respective east-west (EW), north-south (NS) and up-down (UD)
free-field motions predicted by the program SPECTRA using the stick FE model of Fig. 3,
superimposed with the free-field motions recorded by downhole array DHB (the
assumption that array DHB is sufficiently far from the structure and that it recorded
basically free-field motion is crucial for the rest of the analysis to be meaningful).
Calculations were carried out on a 266-MHz Pentium I PC. The close agreement between
the recorded and predicted responses is noteworthy, which implies that it is possible to
generate reasonably accurate free-field motions with a soil column model that allows for a
full kinematical coupling of all three components of motion. Computer runtimes are in the
order of 2 minutes on the PC for a time-domain analysis consisting of about 1000 time
steps and 4-5 iterations per time step.
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Figure 4. EW free-field acceleration (m/sec?)-time (sec) history: Lotung LSST7 case study.
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Figure 5. NS free-field acceleration (m/sec?)-time (sec) history: Lotung LSST7 case study.
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Figure 6. UD free-field acceleration (m/sec?)-time (sec) history: Lotung LSST7 case study.
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Assuming that array DHB recorded truly free-field responses and that the soil profiles and
the input seismic motions are essentially the same for arrays DHA and DHB, the effect of
SSI can be inferred by comparing the motions recorded by the two arrays. Figures 7, 8
and 9 compare the EW, NS and UD motions recorded by arrays DHA and DHB. Note that
the recorded motions at depth of 47 m are essentially the same, but the responses are quite
different at shallower depths. Considering that DHA is only 3 m away from the structure,
we can postulate that this difference is due to SSI effects. We will follow this idea and
proceed with the nonlinear SSI analysis of the Lotung problem.

SSI effects are now investigated using the program SPECTRA along with the full 3D FE
mesh shown in Fig. 2. Calculations were carried out on CRAY C90 supercomputer at San
Diego Supercomputer Center (SDSC). The 3D mesh of Fig. 2 was the biggest that the
authors could construct for this problem at the time of the analysis, given the limited CRAY
storage and CPU time made available by SDSC. There is certainly more room for
improvement in so far as refining the mesh is concerned, since this mesh is admittedly too
coarsely discretized on the horizontal plane compared to the much finer mesh discretization
of the soil layers in the vertical direction. However, for ground motions dominated by
horizontal sidesway action, this mesh has a resolution comparable to that of the stick model
used for nonlinear ground response analysis.

The 1/4-scale nuclear plant structure is modeled as a hollow cylindrical tank made of elastic
trilinear brick elements and integrated using the standard 8-point Gauss integration rule.
The dimensions of the model and properties of the material are similar to those of the
prototype structure. The soil is modeled as elastoplastic brick elements integrated using the
B-bar method to alleviate mesh locking in the nearly incompressible regime
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Figure 7. EW acceleration (m/sec?)-time (sec) history: comparison between DHA and DHB.
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Figure 8. NS acceleration (m/sec?)-time (sec) history: comparison between DHA and DHB.
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The solution procedure goes as follows. Free-field motions are computed from the
nonlinear ground response analysis described previously. Then, the computed motions are
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